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A B S T R A C T   

Compared to monolithic reinforced concrete (RC) buildings, precast RC buildings are more prone to the risk of 
progressive collapse. Therefore, there is a need for efficient methods to strengthen beam-column joints in existing 
precast structures for mitigating the progressive collapse. This paper studies numerically using the finite element 
(FE) method the risk of progressive collapse of precast concrete beam-to-column connections rehabilitated with 
steel plates under middle column-loss event. Nonlinear FE models were established with the help of LS-DYNA 
software for predicting the response of both unstrengthened and strengthened precast RC single story two-bay 
frames under middle column-loss event. The developed FE models consider material nonlinearity – including 
strain-rate effect – for concrete, steel rebars, rubber pads and steel plates; in addition to contact behavior be
tween different members in the joint region. The models were validated using the data of three half-scale frames 
tested under middle column-loss event. Specimens involved: one control unstrengthened precast RC frame, one 
monolithic assembly with continuous beam rebars, and another precast assembly alike the control frame but 
rehabilitated utilizing steel plates in joint region. The calibrated FE modeling was employed for parametric 
studies of practical interest wherein the influence of steel plate parameters was studied.   

1. Introduction 

The last few decades have witnessed an upsurge in the construction 
of precast reinforced concrete (RC) framed buildings around the globe 
due to the inherent advantages of precast system over the conventional 
cast-in-situ RC frame construction. Besides better quality control, the 
precast construction leads to the reduction in formwork, scaffolding, 
skilled labor, material waste, and construction duration. 

Shear behavior of precast RC shear walls with different connection 
designs has been investigated in the literature. Smith et al. [1] studied 
experimentally the seismic performance of three different designs of 
precast RC shear wall specimens. Test walls included two hybrid spec
imens and a third precast wall designed to emulate cast-in-situ mono
lithic RC shear walls. The first two walls used hybrid reinforcement 
(mild steel rebars and unbonded posttensioning strands) for lateral load 
resistance, while the emulative wall utilized only mild steel rebars. For 
the emulative wall and one of the hybrid specimens, wall-to-foundation 

connection comprised of Type II mechanical splices of steel rebars, 
whereas the other hybrid wall utilized continuous rebars grouted into 
the foundation. Test results revealed the potential for the use of precast 
RC shear walls in seismic areas, while also pointing out the importance 
of detailing at wall-to-footing joint. In another study, Chen et al. [2] 
investigated experimentally the shear resistance of precast RC shear 
walls with new bundled connections. A new assembling means for lower 
and upper wall panels is suggested, while vertical steel rebars are 
assembled into bundles and then connected in developed holes. In order 
to assess the shear resistance of such a new connection, three precast 
shear wall specimens with different horizontal steel rebars have been 
tested under monotonic lateral loading combined with constant axial 
compression. Tests revealed the reliability of the innovative connection 
design with no pulling out or significant slippage of rebars. 

The RC framed buildings are highly vulnerable to progressive 
collapse initiated by the collapse of one or more columns under an 
extreme event such as the exposure to the blast generated waves. The 
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progressive collapse starts with some localized damage of a structural 
member and propagates to the adjoining structural elements progres
sively spreading over a larger area leading to the partial or total collapse 
of the structure. On the other hand, the precast RC framed buildings are 
more prone to the progressive collapse due the lack of redundancy and 
hence the lack of availability of alternate load paths. It is thus prudent to 
upgrade the existing precast RC framed buildings for resisting progres
sive collapse and this requires efficient retrofitting methods. 

The load-displacement response of different designs of precast con
crete beam-to-column connections has been studied by several re
searchers [3–9] and the response was compared with the cast-in-situ 
connections. The strengthening of these structures often requires anal
ysis for feasible prestress modes [10] and collapse loads of multi-span 
masonry arch structures [11]. 

Many researchers [12–22] have studied the progressive collapse risk 
of RC buildings by removing one of the columns and testing the frame 
and applying load at the upper joint of the removed column. This 
method helps in assessing the availability of alternate load paths and its 
consequent effect on the propagation of damage to adjoining structural 
members. 

Seismic collapse analysis of high-rise RC buildings has been also 
studied in the literature. Bai et al. [23] investigated numerically the 
seismic-induced damages and collapse of typical high-rise RC building 
frames involving strength degradation effects. Finite element analysis 
was conducted for the building using fiber discretization method. In this 
analysis, nonlinear effects such as concrete confinement, concrete 
crushing, and buckling of steel rebars were considered. It was concluded 
that the strength degradation effect in RC members with small trans
verse reinforcement ratio amplify the seismic responses in high-rise RC 
moment-resisting frames when the intensity of ground motions sur
passes the design level. 

The strengthening of deficient RC beam-column joints of monolithic 
frames has been widely studied by employing conventional and non- 
conventional methods using fiber reinforced polymer (FRP) and fabric 
reinforced cementitious mortar (FRCM). These methods include jackets 
of concrete and steel [24,25], wrapping with FRP laminates [26–28], 
and FRCM retrofitting [29]. Nevertheless, upgrading of beam-column 
joints of an existing precast RC frame is a great challenge due to the 
associated practical problems. Da Fonseca et al. [30] strengthened a 
single bay precast RC frame with the help of near surface mounted 
(NSM) carbon FRP (CFRP) sheets. The frame was tested till failure. The 
retrofitted beam-column joints were found to behave as semi-rigid 
joints, which resulted in considerably reduced deflections. 

Pan et al. [31] investigated experimentally two half-scale precast RC 
framed sub-assemblages under a pushdown loading regime simulating 
column-loss scenarios in real progressive collapse occasions. One of the 
frames was upgraded using CFRP laminates on the side faces of the 
beam. The central portion of the laminates were anchored using hybrid 
FRP (HFRP) anchors. The strengthening was proven to be effective up to 
the early catenary action (CA) stage (corresponds to maximum push
down displacement of 0.2L where L = beam span). Nevertheless, at the 
deformation levels exceeding 20% of the span, rupture of CFRP laminate 
occurred and the CFRP laminates no longer contributed to the capacity. 
No shearing failure developed in the HFRP anchors, which proves the 
efficiency of the anchorage method. 

An experimental program was carried out by Al-Salloum et al. [32] to 
strengthen beam-column connections in existing single story, two-bay 
precast concrete frames with the help of steel plates for progressive 
collapse mitigation. Three half-scale frames were prepared. The first 
frame was unstrengthened control precast specimen simulating most 
common precast RC beam-column joints in Saudi Arabia. The second 
frame was monolithic having continuous longitudinal rebars in beams; 
whereas the third frame was the strengthened precast frame. For 
simulating the progressive collapse, the assemblies were tested after 
removing the support of the middle column and applying load at its 
upper joint. Behavior of both unstrengthened and strengthened precast Ta
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Fig. 1. Details of precast specimen PC-C as taken from Ref. [32] (Note: All dimensions are in mm): (a) Test specimen; (b) Reinforcement details.  
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frames was compared with the monolithic test assembly. 
The aim of this paper is to study numerically, by employing the finite 

element (FE) method, the progressive collapse potential in precast RC 
beam-to-column connections upgraded with steel plates under middle 
column-loss scenario. Nonlinear FE models were developed with the 
help of LS-DYNA software [33] for predicting the response of both 
unstrengthened and strengthened precast concrete 2D frames for 
column-removal events. The developed FE models considered material 
nonlinearity with strain-rate effect in addition to the contact behavior 
between different members at the joint. The test results of Al-Salloum 
et al. [32] were used for validating the numerical model. The vali
dated FE modeling was employed for conducting parametric studies of 
practical interest. 

2. Experimental study 

For achieving the aim of this study, experimental test results have to 
be accessed and employed for the calibration of FE models. For this 
purpose, three 2D assemblies (PC–C, MC-SMF and PC-S), which have 
been tested previously by Al-Salloum et al. [32] for middle 
column-removal event, have been employed. The test frames – in terms 
of geometric dimensions and reinforcement detailing – were designed to 
be half-scale of a two-bay prototype perimeter frame that was assumed 

to be part of an existing precast RC building located in Saudi Arabia. 
Table 1 presents the dimensions and reinforcement detailing for both the 
prototype frame and the specimens. It is noted from Table 1 that di
mensions of test frames are one-half of the prototype frame. Steel plates 
of specimen PC-S as well as longitudinal steel rebars of beams, corbels, 
and columns of all test frames were selected to give approximately the 
same reinforcement ratio as the prototype frame. However, transverse 
reinforcement of members of test specimens was designed to have nearly 
the same volumetric ratio as the prototype frame. The first specimen 
PC-C (Fig. 1) was a precast RC frame, which represents the most prev
alent type of beam-column joints in many parts of the world including 
Saudi Arabia. The preparation of the frame involved casting of the in
dividual members and then assembling the members, as done in prac
tice. The second test specimen MC-SMF was a monolithic frame (Fig. 2) 
in which the longitudinal rebars in the beams were continuous over the 
middle column. The third test specimen PC-S was a strengthened precast 
frame (Figs. 1 and 3). This frame was the same as the control one but its 
beam-column joints were upgraded using steel plates, which were bolted 
in the joint region. The member sizes and detailing of reinforcement of 
the two test frames PC-C and PC-S were same. The beam and column 
cross-sections were square of 350 mm size. The corbel section was 350 
× 250 mm. The column height up to the beam soffit was 1070 mm. The 
columns were resting on 500 mm high steel stubs thus making the total 

Fig. 2. Details of monolithic specimen MC-SMF as taken from Ref. [32] (Note: All dimensions are in mm): (a) Test specimen; (b) Reinforcement details.  
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Fig. 3. Details of strengthened specimen PC-S as taken from Ref. [32] (Note: All dimensions are in mm).  

Fig. 4. Test setup and instrumentation layout for specimen PC-S.  
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height of column as 1570 mm (measured up to the beam soffit). The steel 
stubs were attached to steel I-section, which was tightly anchored to the 
strong laboratory floor (Fig. 4). The beams were reinforced with 4-D16 
mm longitudinal rebars provided at the top as well as the bottom face. 
The beam shear reinforcement was in the form of two legged stirrups of 
D8 mm rebars provided at a center-to-center spacing of 100 mm. The 
columns were reinforced with 8-D16 mm longitudinal rebars. The D8 

mm rebars were used as ties, which were provided at a spacing that 
varied along the column height (Fig. 1). The beam-column joint con
sisted of a protruding D16 mm rebar cast with the corbel. During 
fabrication, the rebar was made to pass through D60 mm circular hole 
provided at the beam ends. A neoprene pad of 20 mm thickness was used 
to support the beam on the corbel. The beam hole with corbel rebar was 
subsequently grouted with the help of non-shrink cementitious mortar. 
The member sizes of test frame MC-SMF were the same as that of frame 
PC-C, except the absence of corbels. The detailing of reinforcement of 
specimen MC-SMF was also the same as frame PC-C (precast frame) 
except that the bottom and top longitudinal beam rebars were contin
uous over the middle column (Fig. 2). 

The strengthening design of steel plates was performed to upgrade 
the shear and bending resistance of the precast frame to the level of 
monolithic frame MC-SMF approximately. The strain-rate effect on the 
material response was ignored and thus the nominal material properties 
were used in the design. The locally available ASTM A572 G50 steel was 
used in the design. Although the required thickness of steel plate was 
5.8 mm, 10 mm thick steel plate was used due to the non-availability of 
lesser plate thickness. The lengths of 10 mm thick ASTM A572 G50 steel 
plates used for the strengthening of the interior and the exterior joints 
were 1750 and 1050 mm, respectively. The length of the plate was 
decided so as to maintain an extension of twice the beam depth beyond 
the face of the column (Fig. 3). The extension of the plate was sufficient 
to cover the plastic hinge zone, as required by the ACI code [34] for RC 
special moment frames. The depth of the plate was equal to the depth of 
the beam (= 350 mm). The steel plates were connected to the frame 
using high strength steel rods of 25 mm diameter (Fig. 3), which were 
designed for resisting shear. Before connecting steel plates, the surfaces 
of the contact zones were prepared by manual grinding and subsequent 
sandblasting. Although the steel plates were connected to the frame 
using steel rods, epoxy mortar was employed for bonding of the steel 
plates with concrete surface. The non-shrink cementitious mortar was 
grouted in the gaps at beam-column interfaces and hollow pockets at the 
beam ends. 

The specimens were cast using ready-mix concrete. The standard 
cylinders prepared at the time of casting were tested in compression on 
the test date as per relevant ASTM standard [35] and the compressive 
strength was found to be 37.3 MPa. The steel rebars were tested in 
tension as per relevant ASTM standard [36] and the test results are given 
in Table 2. The coupons of steel plates were tested as per relevant ASTM 
standard [37] and the test results are also provided in Table 2. 

It is worth mentioning that column-loss event in progressive collapse 
problems may be dealt with as an extreme scenario of unexpected 
loadings such as explosions and impact. Loss of columns is therefore 

Table 2 
Material properties used in the FE modeling.  

Concrete & cementitious grout 

Material model Type 159 (MAT_CSCM_CONCRETE) 
Density (kg/m3) 2320 
Uni-axial 

compressive 
strength (MPa) 

37.3 for concrete & 60 for cementitious grout 

Steel rebars, threaded 
rods & plates 

D8 D10 D16 Threaded 
rods 

A572 
plates 

A36 
plates 

Material model Type 24 (MAT_PIECEWISE_LINEAR_PLASTICITY)  
Density (kg/m3) 7850      
Young’s modulus 

(GPa) 
200      

Poisson’s ratio 0.3      
Strain rate 

parameter, C 
250      

Strain rate 
parameter, p 

1.6      

Yield stress (MPa) 525 489 526 350 408 248 
Tangent modulus 

(MPa) 
127 2127 1065 0 485 765 

Plastic strain to 
failure (%) 

19.7 11.6 11.7 19.8 19.7 19.8 

Neoprene pads 
Material model Type 77 (MAT_HYPERELASTIC_RUBBER) 
Density (kg/m3) 1100 
Poisson’s ratio 0.499 
Shear modulus 

(MPa) 
1.38 

Limit stress (MPa) 5.52 × 10− 3 

Constant C10 0.55 
Constant C01 0 
Constant C11 0 
Constant C20 − 0.05 
Constant C02 0 
Constant C30 0.95 
Steel stubs at base of columns 
Material model Type 1 (MAT_ELASTIC) 
Density (kg/m3) 7850 
Young’s modulus 

(GPa) 
200 

Poisson’s ratio 0.3  

Fig. 5. FE model for one-half of specimen PC-C: (a) FE mesh; (b) FE model of steel reinforcement.  
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sudden and occurs in a very short duration, which will bring the problem 
into the dynamic domain with high strain-rate effects. This sudden 
column-loss scenario was simulated in the experiments by releasing the 
support of the middle column and applying displacement-controlled 
load on that column using a high speed actuator at a rate of 100 mm/ 
s (Fig. 4). However, the high speed in real progressive collapse events 

could not be accommodated in the experiments due to the limits of the 
used actuator. The loading rate adopted (i.e., 100 mm/s) was similar to 
quasi-static type testing. Thus, the inertial effects in experiments were of 
smaller scale than expected in a column-removal scenario. However, the 
increase in stresses due to the inertial forces is partly compensated by 
the enhanced material strength due to strain-rate effect. 

3. Finite element modeling 

The test frames were modeled using the commercial FE package LS- 
DYNA [33]. Only one-half of the test frame was simulated due to its 
symmetry. 

3.1. Geometry of FE model 

Figs. 5–7 present the FE mesh for one-half of the test frames PC-C, 
MC-SMF and PC-S, respectively. Solid reduced integration elements of 
eight nodes were used to model concrete volume of beams, columns and 
corbels, in addition to the neoprene pads of precast frames PC-C and PC- 
S. The element has three translation degrees of freedom at each node. As 
seen in Figs. 5(b) and 6(b), beam elements of two nodes were employed 
to model both longitudinal and transverse reinforcement of test frames. 
The element has six degrees of freedom at each node: three translations 
and three rotations about Cartesian axes. As illustrated in Fig. 7(b), steel 
plates of test frame PC-S were simulated with the help of four-node shell 

Fig. 6. FE model for one-half of specimen MC-SMF: (a) FE mesh; (b) FE model of steel reinforcement.  

Fig. 7. FE model for one-half of specimen PC-S: (a) FE mesh; (b) FE model of steel plates with rods.  

Fig. 8. General shape of the concrete model yield surface in two-dimensions.  
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elements of Belytschko-Tsay formulation [38]; whereas, the threaded 
rods were simulated using two-node beam elements. The shell element 
has both bending and membrane capabilities. Both in-plane and normal 
loads are permitted. The element has six degrees of freedom at each 
node: three translations and three rotations about Cartesian axes. For 
modeling of the I-shaped steel stubs at the base of outer columns, 
eight-node solid elements were employed to simulate steel plates; while 
four-node shell elements were used to model the I-beams, as seen in 
Figs. 5(a), 6(a) and 7(a). In all specimens, size of beam, solid and shell 
elements varied from 2.5 to 50 mm. Mesh sensitivity analysis was car
ried out and it was realized that more refinement of the mesh size would 
have slight influence on the FE results; however, it may increase the 
solution time substantially. 

3.2. Material models 

Table 2 summarizes all material properties employed in the FE 
analysis. Rate-dependent material models were employed to account for 
the dynamic nature of the applied load in the tests (rate of loading was 
100 mm/s). Among various concrete models available in LS-DYNA, 
material model type 159 (continuous surface cap model) was 
employed for concrete of beams, columns and corbels. The reasons for 
this selection are that (i) it has several options such as modeling of 
existing pre-damage effects, element erosion and viscoplastic strain-rate 
effects; (ii) it has simple input parameters for concrete; and (iii) it has 
been used successfully by authors in numerical modeling of various RC 
members with static and dynamic loading applications [7,39–44]. Fig. 8 

presents the general shape of concrete model yield surface in two di
mensions. This model has a smooth intersection between the hardening 
cap and the shear yield surface as illustrated in Fig. 8. The initial damage 
surface coincides with the yield surface. The yield surface is formulated 
in terms of three stress invariants. Concrete cracking is treated using the 
conventional smeared crack approach. 

For concrete material model type 159, the viscoplastic rate effects 
are incorporated. At each time step, the stress is updated from the strain- 
rate increments and the time step via an incremental form of Hooke’s 
Law (an elastic increment). This updated stress is called the trial elastic 
stress and is denoted σT

ij . If the trial elastic stress state lies on or inside the 
yield surface, the behavior is elastic, and the plasticity algorithm is 
bypassed. If the trial elastic stress state lies outside the yield surface, the 
behavior is elastic-plastic (with possible damage, hardening, and rate 
effects), and the plasticity algorithm returns the stress state to the yield 
surface. This elastic-plastic stress is called the inviscid stress, and is 
denoted σp

ij. At each time step, the viscoplastic stress (with rate effects) 
σvp

ij , is given by 

σvp
ij =(1 − γ)σT

ij + γσp
ij (1)  

with 

γ =
Δt/η

1 + Δt/η (2)  

where Δt is the time step and η is the effective fluidity coefficient, which 
is internally calculated in the software using the strain rate. More details 
of this material model can be found in Refs. [33,45]. 

The erosion option introduces a means of adding failure to the ma
terial models. By adding this feature in the model, the eroded element is 
physically isolated from the rest of the FE mesh. In the FE analysis, the 
erosion option is associated with the material models. For material 
model type 159, solid concrete elements were eroded when the 
maximum principal concrete strain reached 5%. This erosion limit was 
recommended by Murray et al. [45]. It was also supported by authors in 
many studies that included FE modeling of RC members [7,39–44], by 
giving numerical results – in terms of failure modes and 
load-displacement characteristics – that match well with the experi
mental results. 

Material model type 24 (piecewise linear plasticity model) [33] was 
used for transverse and longitudinal steel rebars of columns, corbels and 
beams, in addition to steel plates and rods of strengthened frame PC-S. 
For this material model, the stress-strain behavior was treated by a 
bilinear stress-strain curve by defining the tangent modulus (Table 2), 
which is used to compute the steel stress in the post-yield stage. The 
following Cowper-Symonds relationship was employed to account for 

Fig. 9. Standard tensile coupon for A572 G50 steel plates: (a) Tensile test; (b) Experimental mode of failure; (c) FE mode of failure.  

Fig. 10. Tiebreak surface-to-surface contact of steel plates-to- 
concrete interface. 
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yield stress increase owing to strain-rate effect. 

(DIF)σy
= 1 +

(ε•
C

)1/p(
Units ​ of ε• : s− 1) (3)  

where (DIF)σy 
= dynamic increase factor of yield stress due to strain-rate 

effect, ε• = strain rate, C = model parameter taken as 250, and p = model 
parameter taken as 1.6. The dynamic increase factor is used to scale the 
yield stress of steel elements as per the following equation: 

σy =(DIF)σy
.σs

y (4)  

where σy = yield stress of steel element with strain-rate effect included; 
σs

y = static yield stress of steel element. 
For estimation of input parameters for material model type 24 (listed 

in Table 2), tensile tests were conducted on standard steel coupons (steel 
rebars and plates) as per relevant standards in Refs. [36,37]. The output 
of each tensile test is the engineering stress-strain curve. FE models were 
created in LS-DYNA [33] for the tensile test of steel coupons, using the 
actual dimensions of the coupon specimens. For beam and shell elements 
representing steel rebars and plates, respectively, the engineering 
stress-strain curve in the FE models cannot be converted directly to the 

true stress versus effective plastic strain curve because the 
cross-sectional area of the element remains constant (true stress is equal 
to engineering stress in this case). In the FE models, the element size was 
calibrated by iterative analysis. The size of the FE mesh was adjusted 
until quantitative agreement of the measured and calculated engineer
ing stress-strain behavior was attained for the coupon specimens. The 
experimentally observed steel fracture was simulated by element 
erosion using the plastic strain to failure. As an example, Fig. 9 shows 
comparison between the experimental and FE failure modes for the 
standard coupon test of A572 G50 steel plates used in current study. 
Good agreement was noticed between the experimental and FE results. 
This confirms the aptness of both element size and input material pa
rameters in capturing steel fracture via element erosion. Thus, the 
calibrated element size has been used in the 3D FE modeling of the frame 
assemblies, especially at critical locations of plastic hinges. For the 
I-shaped steel stubs at the base of outer columns, the linear elastic ma
terial model type 1 was used for both plates and steel I-beams (see 
Table 2). 

For precast frames PC-C and PC-S, material model type 77 (hypere
lastic rubber material model) [33,46] was used for solid elements of the 
neoprene pads. In this model, the principal Kirchoff stress components 

Fig. 11. Comparison of experimental and FE mode of failure of specimen PC-C: (a) Final deformed shape; (b) Failure of middle joint.  
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are given by 

τE
ii =

(
C10 +C11W2 + 2C20W1 + 3C30W2

1

)
W ′

1i + (C01 +C11W1 + 2C02W2)W
′

2i

+ KJ(J − 1)
(5)  

where C10, ​ C11, ​ C20, ​ C30, ​ C01 and C02 are material constants as 
given in Table 2; and W1 & W2 are strain energy functions given by 

W1 = I1I − 1/3
3 − 3 (6)  

W2 = I2I − 2/3
3 − 3 (7)  

where I1, ​ I2 and I3 are the invariants of deformation tensor given in 
terms of the principal stretches λ1, ​ λ2 and λ3 from 

I1 = λ2
1 + λ2

2 + λ2
3 (8)  

I2 = λ2
1λ2

2 + λ2
2λ2

3 + λ2
1λ2

3 (9)  

I3 = λ2
1λ2

2λ2
3 (10) 

The strain energy derivatives W′

1i and W′

2i in Eq. (5) are given by 

W ′

1i = λi
∂W1

∂λi
=

(

2λ2
i −

2
3

I1

)

I − 1/3
3 (11)  

W ′

2i = λi
∂W2

∂λi
=

(

2λ2
i

(
I1 − λ2

i

)
−

4
3
I2

)

I − 2/3
3 (12) 

In Eq. (5), the parameter K is the bulk modulus and J is the relative 
volume change = λ1λ2λ3. 

3.3. Contact modeling 

For all test assemblies, bond-slip behavior was not modeled between 
steel reinforcement rebars and surrounding concrete and perfect bond 
was assumed. In precast specimen PC-C, the 15 mm gap at beam-column 
interface was physically modeled by assigning two different parts for 
beam and column. Each part was separately meshed and an automatic 
surface-to-surface contact was assigned between the two parts. In this 
contact, the beam part was taken as master and the column part was 
assumed as slave. For contact definition, coefficient of friction has to be 
assigned between the master and slave parts. For beam-column inter
face, a coefficient of friction of 0.6 was assumed between the two con
crete parts [34]. This coefficient of friction was assumed constant and 
was not dependent on the relative velocities of the two surfaces in 
contact. However, in strengthened precast specimen PC-S, the gap at 
beam-column interface was filled with cementitious grout. This gap was 
meshed using eight-node reduced integration solid elements, and full 
bond was modeled between elements of beam, column and the gap. In 
addition, for precast frames PC-C and PC-S, an automatic 
surface-to-surface contact was modeled between beam (assumed as 
master) and rubber pad (taken as slave), and between rubber pad (taken 
as master) and corbel (assumed as slave). Friction coefficient of 0.4 was 
taken between concrete parts and neoprene pads [47]. This friction 
coefficient was assumed constant and was not dependent on the relative 
velocities of the two surfaces in contact. 

For strengthened frame PC-S, bond at steel plates-to-concrete inter
face was simulated utilizing the tiebreak surface-to-surface contact, as 
per the following bond strength failure criterion: 

Fig. 12. Comparison of experimental and FE mode of failure of specimen MC-SMF: (a) Final deformed shape; (b) Failure of middle joint.  
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(
|σn|

σn,F

)2

+

(
|σs|

σs,F

)2

≥ 1 (13)  

where σn and σs are, in turn, the normal and shear stresses at contact 
surfaces. Yet, σn,F and σs,F are the normal and shear stresses at failure, 
respectively, calculated from Refs. [40,48]: 

σn,F = 0.2
̅̅̅̅

f ′

c

√

(Units: ​ MPa) (14)  

σs,F = 0.62
̅̅̅̅

f ’
c

√

(Units: ​ MPa) (15)  

where f ′

c is the specified concrete strength. In this contact, concrete 
surface was input as master and the steel plate was taken as slave as seen 
in Fig. 10. Upon failure, this contact performs as a surface-to-surface 
contact with no thickness offsets. Furthermore, after failure, no inter
face tension is allowed. 

3.4. Boundary conditions and loading strategy 

Accounting for the symmetry in geometry, support conditions and 
loading, one-half of the test frame was simulated. As depicted in Figs. 5 
(a), 6(a) and 7(a) the supports of outer columns were fixed by 
restraining the three translation degrees of freedom (in the global X, Y 
and Z directions) of the solid elements of the steel base plate. For the 
nodes lying on the Y-Z symmetry plane, the symmetry boundary con
ditions were input. For the middle column at which the actuator load is 
applied in a displacement-controlled manner, the top nodes were 
grouped in a set and then the Z-displacement of the node set was 
controlled to a rate of 100 mm/s in order to match with the loading 
strategy followed in the experiments (see Figs. 5(a), 6(a) and 7(a)). 

4. Calibration of FE models 

The test results of the three frames were employed to validate the FE 
modeling techniques detailed previously. In the following sub-sections, 
details of the FE results of the three test frames are given. 

Fig. 13. Comparison of experimental and FE mode of failure of specimen PC-S: (a) Final deformed shape; (b) Close-up of beam shear failure.  
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4.1. Mode of failure 

Experimental modes of failure for the three test specimens are pre
sented in Figs. 11–13. As reported by Al-Salloum et al. [32], behavior of 
all specimens was almost symmetric during the experiment until ulti
mate stage and the middle column remained nearly vertical. Upon 
reaching the ultimate stage, failure of precast specimen PC-C was almost 
symmetric for the left and right beams and the middle column remained 
approximately vertical (Fig. 11(a)). However, for other two specimens 
MC-SMF and PC-S, failure was not symmetric owing to some difference 
in concrete strength between left and right beams and as a result the 
middle column could not remain vertical upon failure. In specimen 
MC-SMF, the left beam had more cracking and concrete crushing than 
the right one (Fig. 12(a)). However, in frame PC-S, the right beam had a 
little weaker concrete than the left one, thereby inducing brittle shear 
failure as seen in Fig. 13(a). 

Figs. 11–13 depict comparison of experimentally observed versus 
numerically predicted modes of failure for test frames PC-C, MC-SMF 
and PC-S, respectively. The numerically predicted failure modes shown 
in these figures are represented with the help of maximum principal 
strain contours at mid-surface of concrete elements. It should be noted 
that due to modeling one-half of the assembly in the FE analysis, sym
metric failure modes were predicted for specimens PC-C, MC-SMF and 
PC-S as seen in Figs. 11–13. It is clear from the figures that the numer
ically predicted modes of failure agree well with the experimentally 
observed ones. Similar to the experiment, the FE analysis predicted an 
expected hinge behavior for control precast frame PC-C. In the analysis, 
beams of precast frame PC-C rotated till the inner ends became in touch 
with the middle column, and the failure of the specimen was because of 
crushing of the concrete at middle beam-column joint (Fig. 11). The FE 
mode of failure of the monolithic frame MC-SMF is shown in Fig. 12, 
which reveals a good match with the experimentally observed one. A 
plastic hinge was developed in the beam close to the middle joint region 
as designated by wide flexural cracks along with crushing of concrete in 
the compression side. Also, at the outer joints, plastic hinges were 
developed in the beams accompanied with cracking of outer columns 
adjacent to the connection region. As depicted from Fig. 13, the FE 
predicted shear failure in the unstrengthened area of beams of specimen 
PC-S. This failure mode matched well with the experimentally observed 
shear failure of the right beam shown also in Fig. 13. As discussed by Al- 
Salloum et al. [32], the reason for having this failure is that addition of 
steel plates increased substantially both shear and flexural strength of 
the beams in the area of beam-column joints and the load due to shear 
strength of the unstrengthened beam section was substantially less than 
that owing to flexural strength of the upgraded beam section. Similar to 
the experimental observation, no slippage was predicted at steel 
plate-to-concrete substrate interface till the end of the analysis time. 
This may validate the tiebreak contact parameters used in this study. 

4.2. Load-displacement response 

The numerically predicted load versus middle column displacement 
envelopes are shown in Fig. 14, as compared with the experimental 
ones, for the three test frames. As seen in the figures, the FE load- 
displacement curves match well with the experimental ones, espe
cially for the peak load. As stated earlier, the observed failure mode of 
precast specimen PC-C was almost symmetric for the left and right 
beams and as a result, stiffness degradation in the post-peak load stage 
was approximately the same for both experimental and numerical load- 
displacement envelopes as seen in Fig. 14(a). However, for other two 
specimens MC-SMF and PC-S, experimental mode of failure was not 
symmetric and therefore, the numerically predicted stiffness degrada
tions in the post-peak load stage were higher than the experimental ones 
as seen in the load-displacement envelopes in Fig. 14(b) and (c). 

Table 3 presents the comparison details of the load-displacement 
response. It is important to note that the ultimate state utilized in 

Fig. 14. Comparison of experimental and FE load-displacement envelopes for: 
(a) Specimen PC-C; (b) Specimen MC-SMF; (c) Specimen PC-S. 
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Table 3 is taken as that where the peak load decreases by 20% as per 
Ref. [49]. It is observed from Table 3 that error in the prediction of peak 
load varies from 0% to 4%. However, as compared with the test results, 
errors in the prediction of middle column displacement at peak load, 
middle column displacement at ultimate state, and energy dissipation at 
ultimate state, respectively, are 1%–9%, 7%–20% and 3%–10%. Also, as 
depicted from Fig. 14, the stiffness of the test frames was well numeri
cally predicted compared with the experiments. Fig. 14 clearly indicates 
that the numerical models were efficient in modeling the softening 
trend, which establishes the precision of the constitutive models. The 
numerical analysis showed that compared with the monolithic frame 
MC-SMF, the precast control specimen PC-C had a very high progressive 
collapse risk due to cutoff of longitudinal beam rebars at 
beam-to-column connections and then incapability of beams to redis
tribute the load carried by lost column to adjacent members. The FE 
analysis also confirmed that although the monolithic frame with 
continuous beam rebars had considerably higher peak load and energy 
dissipation as compared to the control precast frame PC-C, the catenary 
action was not developed owing to: (i) discontinuity of beams at the 
ends, (ii) insufficient restraint provided by the end columns, (iii) 
discontinuity of columns due to the consideration of single story, and 
(iv) absence of column axial load. The FE analysis confirmed the sig
nificant peak load enhancement provided by steel plate upgrading 
technique of frame PC-S, for which the predicted peak load was almost 
29.6 and 1.7 times of that for frames PC-C and MC-SMF, respectively. 
Furthermore, and as seen from Table 3, numerically predicted energy 
dissipation of strengthened frame PC-S was considerably more than that 
for control frame PC-C (≈17 times). Yet, numerically predicted energy 
dissipation and displacement ductility ratio of upgraded frame PC-S 
were nearly 69% and 20%, in turn, of those for monolithic RC frame 
MC-SMF. 

4.3. Strain gage analysis 

Comparisons of experimental and FE load versus rebar strain plots 
for frames MC-SMF and PC-S are shown in Figs. 15 and 16, respectively. 
Table 3 presents comparison between experimental and FE peak tensile 
strain for: (i) bottom steel rebars of beam at middle column face for three 
test frames, and (ii) steel plates at middle column face of strengthened 
frame PC-S. As found from Figs. 15 and 16 and Table 3, the numerically 
obtained steel strains match well with the experimental values. For 
precast frames PC-C and PC-S, the peak strains for bottom steel rebars of 
beam at middle column face were considerably less than the yield strain 
because of the discontinuity of these rebars at the joint region. Yet, for 
monolithic frame MC-SMF, all tension steel rebars (at beam ends and at 
outer columns close to the joint region) had strains significantly higher 
than the yield value (see Fig. 15 and Table 3), which verified the 
development of plastic hinges at the beam ends as mentioned earlier. For 

strengthened frame PC-S, tensile strain of the lowest edge of steel plate 
at face of middle column was about 1.4 times the yield value (Table 3 
and Fig. 16). However, tensile strains at the top edge of steel plates at 
face of outer columns were less than the yield value as seen in Fig. 16(b). 
It is therefore revealed that neither of the strengthened sections of beams 
of frame PC-S attained its ultimate flexural strength owing to brittle 
shear failure of the unstrengthened portion of the beam (Fig. 13) and 
detailed in Refs. [32]. Nevertheless, because of the high peak load taken 
by frame PC-S, its outer columns attained their flexural strength at the 
end of the experiment (or analysis time) by having high tensile strains 
(≈20,000 με) for outer rebars close to joint region (Fig. 16(c)). 

5. Effect of strengthening plate parameters 

The calibrated FE models were extended to investigate the impact of 
different steel plate parameters on the behavior of strengthened precast 
RC frames due to middle column-missing event. The FE matrix consisted 
of 26 specimens with different steel plate parameters such as: plate 
thickness, steel grade, and anchorage condition within the compression 
zone (see Table 4). Since both experimental and FE analysis demon
strated that specimen PC-S failed suddenly due to shear failure of 
unstrengthened beam portion as a result of steel plate overdesign, 
different plate thicknesses with two steel grades were investigated. As 
seen in Table 4, six plate thicknesses ranging from 3 to 8 mm were 
studied for ASTM A572 G50 steel; however, for ASTM A36 steel, seven 
plate thicknesses varying from 3 to 10 mm were investigated. As per the 
details given earlier for strengthened specimen PC-S in Fig. 3, steel 
plates near beam-column connections were not properly restrained by 
threaded rods, especially against plate buckling in the compression 
zone. This was not critical for specimen PC-S due to the large plate 
thickness of 10 mm, for which the section did not reach its full flexural 
capacity due to abrupt shear failure as outlined before. However, for 
smaller thicknesses, this may be of big concern. Therefore, two 
anchorage conditions were numerically investigated for each thickness. 
The first was to study the performance with threaded rods layout as 
given for specimen PC-S (Fig. 3). This case is considered without steel 
plate anchorage within the compression zone (see Table 4: specimens 
PC-S-3-A36 to PC-S-10-A36 & PC-S-3-A572 to PC-S-8-A572). The second 
case was to investigate the behavior with new layout of threaded rods, 
which were designed to have fully anchored steel plates as depicted from 
Fig. 17 (see Table 4: specimens PC-S-3-A36-FA to PC-S-10-A36-FA & PC- 
S-3-A572-FA to PC-S-8-A572-FA). 

It should be noted here that in the design of threaded rods for pro
vision of full anchorage, simple calculations were used in which elastic 
Euler buckling was taken for steel plates in the compression side of the 
beam section. These plates may perform as axially loaded columns in 
compression. Steel plate between rods was assumed to perform as a 
fixed-fixed column. Therefore, the maximum center-to-center spacing 

Table 3 
Comparison of experimental and FE results for test specimensa.  

Specimen ID Results Pu (kN) Δu,c(mm)  Py (kN) Δy(mm)  Δu(mm)  μΔ  Eu (kN.m) εsb,bot(με)b  εsp,bot (με)b  

PC-C EXP 12.8 145 NY NY 265 – 2.5 74 –  
FE 12.8 160 NY NY 243 – 2.6 58 –  
EXP/FE 1.00 0.91 – – 1.09 – 0.97 1.28 – 

MC-SMF EXP 228 144 145 26 269 10.5 59 95,189 –  
FE 218 145 153 21 335 16.3 65 102,065 –  
EXP/FE 1.04 0.99 0.95 1.25 0.80 0.64 0.90 0.93 – 

PC-S EXP 372 96 315 50 157 3.1 48 1326 2815  
FE 379 100 296 45 147 3.2 45 1550 2924  
EXP/FE 0.98 0.96 1.07 1.10 1.07 0.97 1.08 0.86 0.96  

a Pu = peak load; Δu,c = middle column displacement at peak load; Py and Δy = load and middle column displacement at first yielding of main beam steel at middle 
column face (bottom rebars for specimen MC-SMF & bottom edge of steel plates for specimen PC-S); Δu = middle column displacement at ultimate state; μΔ =

displacement ductility = Δu/Δy; Eu = energy dissipated at ultimate state, εsb,bot = peak strain for beam bottom rebars at middle column face; εsp,bot = peak strain for 
bottom edge of steel plates at middle column face, EXP = experimental; FE = finite element; NY = No steel yielding. 

b Values in italic bold font indicate steel yielding. 
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Fig. 15. Comparison of experimental and FE load vs. rebar strain curves for 
specimen MC-SMF: (a) Bottom rebars of beam at face of middle column; (b) Top 
rebars of beam at face of outer column; (c) Outer rebars of exterior column near 
connection zone. 

Fig. 16. Comparison of experimental and FE load vs. steel strain curves for 
specimen PC-S: (a) Bottom edge of steel plate at face of middle column; (b) Top 
edge of steel plate at face of outer column; (c) Outer rebars of exterior column 
near connection zone. 
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Table 4 
Details and FE results of specimens used in the parametric study*.  

Specimen ID Steel plate strengthening scheme FE results 

tp (mm) Grade Anchorage within  
compression zone 

Py (kN) Pu (kN) Δy (mm) Δu (mm) μΔ  Eu (kN.m) εsp,bot (με)  Failure mode 

PC-S-3-A36 3 A36 NO 31 188 5 192 35.5 31 97,771 FF(Y-CC-BKL) 
PC-S-3-A36-FA 3 A36 YES 41 193 7 166 24.0 27 199,179 FF(FR-CC) 
PC-S-4-A36 4 A36 NO 44 230 8 232 30.7 46 85,192 FF(Y-CC-BKL) 
PC-S-4-A36-FA 4 A36 YES 61 242 10 201 20.6 42 232,883 FF(FR-CC) 
PC-S-5-A36 5 A36 NO 65 271 11 262 24.5 62 84,696 FF(Y-CC-BKL) 
PC-S-5-A36-FA 5 A36 YES 76 286 12 227 18.8 56 261,229 FF(FR-CC) 
PC-S-6-A36 6 A36 NO 81 312 12 261 21.2 70 76,955 FF(Y-CC-BKL) 
PC-S-6-A36-FA 6 A36 YES 93 328 14 282 20.4 79 262,718 FF(FR-CC) 
PC-S-7-A36 7 A36 NO 97 337 14 301 21.3 89 77,425 FF(Y-CC-BKL) 
PC-S-7-A36-FA 7 A36 YES 123 355 17 283 16.5 86 274,527 FF(FR-CC) 
PC-S-8-A36 8 A36 NO 138 358 19 265 14.0 83 66,086 FF(Y-CC) 
PC-S-8-A36-FA 8 A36 YES 137 370 19 287 15.4 93 278,204 FF(Y-CC) 
PC-S-10-A36 10 A36 NO 167 381 22 162 7.3 50 9334 SF 
PC-S-10-A36-FA 10 A36 YES 169 376 22 172 7.8 54 18,940 SF 
PC-S-3-A572 3 A572 GR50 NO 78 263 13 206 15.3 45 80,757 FF(Y-CC-BKL) 
PC-S-3-A572-FA 3 A572 GR50 YES 82 269 14 166 12.0 36 192,584 FF(FR-CC) 
PC-S-4-A572 4 A572 GR50 NO 130 323 21 230 12.8 63 66,943 FF(Y-CC-BKL) 
PC-S-4-A572-FA 4 A572 GR50 YES 129 329 20 217 10.6 59 238,979 FF(FR-CC) 
PC-S-5-A572 5 A572 GR50 NO 157 356 24 252 10.3 76 63,426 FF(Y-CC-BKL) 
PC-S-5-A572-FA 5 A572 GR50 YES 159 368 25 265 10.7 81 235,746 FF(FR-CC) 
PC-S-6-A572 6 A572 GR50 NO 201 373 31 163 5.3 48 13,346 SF 
PC-S-6-A572-FA 6 A572 GR50 YES 197 376 31 172 5.6 52 29,939 SF 
PC-S-7-A572 7 A572 GR50 NO 215 373 33 152 4.6 45 6892 SF 
PC-S-7-A572-FA 7 A572 GR50 YES 217 377 33 163 4.9 49 12,109 SF 
PC-S-8-A572 8 A572 GR50 NO 239 375 37 162 4.4 49 5331 SF 
PC-S-8-A572-FA 8 A572 GR50 YES 250 373 38 143 3.7 42 7566 SF 

* tp = thickness of steel plate per side of beam; Py = load at first yielding of bottom edge of steel plates at middle column face; Pu = peak load; Δy = middle column displacement at first yielding of bottom edge of steel plates 
at middle column face; Δu = middle column displacement at ultimate state; μΔ = displacement ductility = Δu/Δy; Eu = energy dissipated at ultimate state; εsp,bot = peak strain for bottom edge of steel plates at middle column 
face; FF = flexural failure of beam at middle column face; FF(Y-CC-BKL) = flexural failure of beam at middle column face, initiated by yielding at bottom edge of steel plates followed by crushing of compression concrete 
and infill grout at column interface and ending up with buckling of steel plates in the compression zone; FF(FR-CC) = flexural failure of beam at middle column face, initiated by fracture of steel plates followed by crushing 
of compression concrete and infill grout at column interface; FF(Y-CC) = flexural failure of beam at middle column face, initiated by yielding at bottom edge of steel plates followed by crushing of compression concrete and 
infill grout at column interface; SF = shear failure of unstrengthened portion of beam. 
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between rods that could inhibit buckling of steel plates in the 
compression zone of the beam was approximately calculated by 
equating the Euler buckling stress to the yield strength of the plate ac
cording to the following formula. 

smax = 2πtp

̅̅̅̅̅̅̅̅̅̅
Es

12fyp

√

(16)  

where tp = thickness of steel plate; Es = modulus of elasticity of steel 
(taken as 2 × 105 MPa); fyp = yield strength of plate. The design of 
anchorage details shown in Fig. 17 was based on ASTM A572 G50 steel 
plates with 3 mm thickness, and it was conservatively assumed for all 
other specimens with full anchorage. It should be noted that in the 
analysis of specimens listed in Table 4, the material properties of spec
imen PC-S was utilized, except A36 steel grade for which the yield and 
ultimate strengths were assumed as 248 and 400 MPa, respectively. 

Fig. 17. Anchorage details for strengthened specimens PC-S-3-A36-FA to PC-S-10-A36-FA & PC-S-3-A572-FA to PC-S-8-A572-FA (Note: All dimensions are in mm): 
(a) Outer connection zone; (b) Middle connection zone. 
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Fig. 18. FE mode of failure for representative strengthened specimens without anchorage within the compression zone: (a) PC-S-6-A36; (b) PC-S-8-A36; (c) PC-S- 
10-A36. 

H.M. Elsanadedy et al.                                                                                                                                                                                                                        



Journal of Building Engineering 34 (2021) 101875

18

Table 4 presents a summary of the numerical results of the 26 
specimens employed in the parametric study. The numerically predicted 
mode of failure for representative strengthened frames without 
anchorage within the compression zone are displayed in Fig. 18. For 
plates with thickness not exceeding 5 mm for A572 steel (or 7 mm for 
A36 steel), flexural failure of beams at middle column face was pre
dicted. This failure commenced with yielding at bottom edge of steel 
plates followed by crushing of compression concrete and infill grout at 
column interface and ended up with buckling of steel plates in the 
compression zone, as shown in Fig. 18(a) for frame PC-S-6-A36. For the 
same case of no compression zone anchorage, buckling of plates was not 
predicted for larger thicknesses. For A36 steel, flexural failure due to 
yielding of plate followed by crushing of compression concrete and infill 
grout at middle column face was found for plate thickness of 8 mm (see 
Fig. 18(b)). However, for 10 mm thick plate, beam shear failure was 
predicted as seen in Fig. 18(c). For A572 steel, shear failure of 
unstrengthened portion of beam was noticed for plate thicknesses 
exceeding 5 mm. It should be noted that for A36 specimens with large 
plate thickness of 8 mm, possibility of buckling is significantly reduced 
and hence effect of anchorage is not significant as seen from Table 4. 
Failure of specimens PC-S-8-A36 and PC-S-8-A36-FA was identical 
(yielding of steel plate followed by concrete crushing) and the difference 
in the peak load was insignificant (≈3%). 

FE mode of failure for representative strengthened frames with full 
anchorage within the compression zone are shown in Fig. 19. For the 
case of fully anchored plates with maximum thickness of 5 and 7 mm for 
A572 and A36 steel, respectively, flexural failure of beam at middle 
column face was predicted. This failure was initiated by fracture of 
plates followed by crushing of the compression concrete and infill grout 

at column face as illustrated in Fig. 19(a) for specimen PC-S-4-A572-FA. 
For larger plate thicknesses, either flexural failure due to yielding of 
plate followed by crushing of the compression zone (case of A36 steel 
with 8 mm thick plate) or brittle shear failure of unstrengthened portion 
of beam (A36 steel with 10 mm thick plate or A572 steel with 6–8 mm 
thick plates) occurred as displayed in Fig. 19(b). 

Load-displacement envelopes for representative samples of studied 
frames are shown in Fig. 20. Load-displacement envelope for monolithic 
frame MC-SMF is also shown in Fig. 20 for the sake of comparison. 
Except for specimens failing by shear, both specimens having A36 steel 
plates with thickness of 4 mm or more and specimens with A572 steel 
plates have acceptable load-displacement characteristics up to middle 
column displacement of 200 mm (see Fig. 20). 

In order to help in assessing the effectiveness of steel plate 
strengthening technique in enhancing the response of precast concrete 
beam-to-column joints under column missing event, two new parame
ters were proposed in this paper: (i) the peak load efficiency (ηp) and (ii) 
the energy efficiency (ηE). They can be calculated from the following 
equations. 

ηp =
Pu,p

Pu,m
× 100% (17)  

ηE =
Eu,p

Eu,m
× 100% (18)  

where Pu,p = ultimate load of steel-plated precast RC frame; Pu,m = ul
timate load of equivalent monolithic RC frame having continuous lon
gitudinal beam rebars (frame MC-SMF); Eu,p = energy dissipation for 

Fig. 19. FE mode of failure for representative strengthened specimens with full anchorage within the compression zone: (a) PC-S-4-A572-FA; (b) PC-S-8-A572-FA.  
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steel-plated precast RC frame at ultimate state; and Eu,m = energy 
dissipation for equivalent monolithic RC frame having continuous beam 
rebars (frame MC-SMF). Another two new plate strengthening parame
ters αs and βs were also introduced in this research. These parameters are 
given by 

αs =
ρpfyp

ρsfys
(19)  

βs =
ρp

ρs

̅̅̅̅̅
fyp

fys

√

(20)  

where ρp = steel plate ratio calculated as the ratio of cross-sectional area 
of steel plates to total area of concrete section; fyp = static yield strength 
of steel plates; ρs = ratio of beam bottom rebars and fys = static yield 

strength of beam bottom rebars. The peak load and energy efficiencies 
were calculated for strengthened specimens of Table 4 failing by flexure 
(18 specimens) and are then plotted versus strengthening parameters αs 
and βs as presented in Fig. 21(a) and (b), respectively. 

It is indicated from Fig. 21(a) and (b) that the difference between 
both peak load and energy efficiencies for the two cases of plate 
anchorage is insignificant for all range of strengthening parameters αs 
and βs. It is also found from the FE results shown in Table 4 that even for 
the case of without full anchorage, buckling of plates was postponed 
until crushing of concrete in the compression zone at higher stages of 
beam deformation. Hence, in order to save construction time and costs 
associated with the difficulty of installing the threaded rods for plate-to- 
concrete anchorage, it is recommended to provide plate anchorage 
within the compression zone using the minimum number of rods with 
maximum spacing of 8db in the horizontal direction, where db is the rod 
diameter. This may help to alleviate or even postpone buckling of thin 
plates until stages of large beam deformation. The edge distance of rods 
is recommended as 3db; however, for outer beam-column connections, 
the edge distance of rods measured to the outer edge of the exterior 

Fig. 20. Load-displacement envelopes for representative strengthened speci
mens used in the parametric study (based on FE analysis): (a) A36 specimens 
with fully anchored plates; (b) A572 specimens without fully anchored plates. 

Fig. 21. Effect of strengthening parameters αs and βs on efficiency of precast 
specimens under column-removal scenario (based on FE analysis): (a); (b). 
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column should not be less than 100 mm for practical considerations. In 
order to achieve 100% peak load efficiency, the strengthening param
eter αs should not be less than 1.4; yet, for an energy efficiency of 100%, 
the strengthening parameter βs should not be less than 2.9. 

6. Conclusions 

The key outcomes of this paper can be listed as follows:  

1. The investigated type of precast RC beam-column joint had a very 
high progressive collapse risk because of discontinuity in the longi
tudinal rebars of beams at beam-column connection regions and 
therefore incapability of beams to redistribute the load carried by 
failed column to adjacent members.  

2. Although the monolithic RC frame with continuity in beam rebars 
had significantly higher ultimate load and energy dissipation 
compared to existing precast frame PC-C, the development of cate
nary action was inhibited due to: discontinuity of beams beyond the 
exterior columns and the insufficient restraint provided by outer 
columns.  

3. Upgrading of precast RC beam-column joints with bolted steel plates 
was efficient in increasing the peak load (about 29 times of precast 
frame PC-C) and energy dissipation of the frame assembly. However, 
special attention has to be paid to the steel plate parameters (grade 
and thickness). Increasing the thickness and/or grade of steel plates 
may increase the flexural capacity of the beam significantly so that it 
will exceed the shear capacity of its unstrengthened part and hence 
may induce brittle shear failure.  

4. The FE analysis conducted in this work was found relevant in 
assessing the behavior of monolithic and precast RC frames under 
column-loss event. Thus, this analysis may be employed in forth
coming work to study the progressive collapse risk of different types 
of precast RC beam-column joints.  

5. Two sets of parameters were proposed in this research. The first set 
includes peak load and energy efficiency parameters (ηp & ηE); 
whereas the other set comprises plate strengthening parameters αs 
and βs. They were used in comparing response of strengthened pre
cast RC frames with corresponding monolithic RC frame. For 100% 
peak load efficiency, the strengthening parameter αs should not be 
less than 1.4; yet, for an energy efficiency of 100%, the strengthening 
parameter βs should not be less than 2.9.  

6. In order to alleviate or postpone buckling of thin steel plates until 
stages of large beam deformation, it is recommended to provide plate 
anchorage within the compression zone of the beams using rods with 
maximum center-to-center spacing of 8db in the horizontal direction 
(db is the rod diameter). The edge distance of rods is recommended as 
3db; however, for outer joints, the edge distance of rods measured to 
the outer edge of the exterior column should not be less than 100 mm 
for practical considerations. 
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