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In this research, the risk of progressive collapse of 2D and 3D single story one-third scale steel frame assem-
blies having shear beam-column connections was experimentally investigated under middle column loss
event. The 2D assembly comprised two beams and three columns; whereas the 3D assembly was the
same as the 2D assembly except with the addition of a transverse beam at the inner beam-column connec-
tion. A vertical quasi-static loading was placed on the middle column of the assembly in order to represent
the event of progressive collapse. The two test frames together with another 2D steel frame assembly having
simple joint, tested previously by other researchers, were employed to validate 3D finite element (FE) anal-
ysis created with the help of ABAQUS software. Thereafter, the calibrated models were utilized to study the
progressive collapse risk for eight steel simple beam-column connections due to removal of the center col-
umn. Specimens were divided into two groups (4 specimens in each group), which were 2D and 3D steel
frame assemblies. Behavior of different joints was numerically compared with respect to their failure
modes and load versus displacement characteristics.

© 2021 Elsevier Ltd. All rights reserved.
1. Introduction

Steel frame buildings are susceptible to progressive collapse when
few structural elements (especially columns and beam-column joints)
get damaged so that the neighboring structural members fail to redis-
tribute the gravity loading. Thus, the limited damage can cause failure
to adjacent members that may ultimately result in progressive collapse
risk of the building. Examples of progressive collapse incidents of
existing buildings are given in Refs. [1–7].

In various studies, the progressive collapse risk of 2D single story
steel frame assemblies – comprising of two beams and three columns
– was investigated. In a study by Khandelwal et al. [8], the progressive
collapse risk of ten-story steel braced buildings, which were initially
designed for seismic resistance, was numerically evaluated using the
linear dynamic analysis of the alternate load path method. Kim and
Kim [9] investigated numerically the progressive collapse potential
of moment resisting steel frames by comparing the linear static and
nonlinear dynamic analysis procedure of the alternate load path
method. In a study by Kim and An [10], the influence of the catenary
action phase on diminishing the progressive collapse risk in steel mo-
ment resisting frames was numerically evaluated using the nonlinear
static analysis procedure. In another study by Grierson et al. [11],
the equivalent spring approach was utilized to simulate the reduction
in stiffness in the linear static analysis for assessment of progressive
collapse risk of steel framed buildings.

A simplified methodology was suggested in Refs. [12, 13] to con-
duct the nonlinear static analysis for evaluating the progressive col-
lapse risk of steel framed buildings. Lee et al. [14] offered a basic
trilinear model to predict the collapse resistance of double span
steel beams owing to column-loss events. In a study by Naji and
Irani [15] the load-displacement and capacity curves of a fixed steel
beam were utilized to model the progressive collapse potential of
steel framed buildings. Elsanadedy et al. [16] assessed numerically
the progressive collapse risk of an existing multi-story steel framed
building under different blast scenarios using commercially available
FE package [17].

In a study by Hadidi et al. [18], it was revealed that steel frames
that are detailed for seismic resistance as per AISC-LRFD [19] cannot
resist the risk of progressive collapse according to UFC guidelines
[20]. Other researchers [21] concluded that the progressive collapse
potential of a steel framed building is dependent on the analysis
type and the column missing scenario. In another study by Zoghi
and Mirtaheri [22], 3D nonlinear dynamic analysis was conducted to
assess the progressive collapse risk of an existing steel framed build-
ing that was designed as per seismic codes taking into account the in-
fluence of infill wall panels. The energy approach was utilized by Chen
et al. [23] to investigate the progressive collapse risk of steel buildings
with moment resisting frames. It has been identified in some studies
[24,25] that the flexure/axial force interaction in plastic hinges and



Table 1
Details of assemblies utilized for FE analysis validationa.

Reference Specimen ID Column I-section
D × B × tf × tw (mm)

Beam I-section
D × B × tf × tw (mm)

Bolt Size of shear plate /angle (mm) Connection type

Current study S-P-B-2D 200 × 200 × 12 × 8 194 × 150 × 9 × 6 Grade 10.9 M16 SP 120 × 100 × 6 Simple
S-P-B-3D 200 × 200 × 12 × 8 194 × 150 × 9 × 6 Grade 10.9 M16 SP 120 × 100 × 6 Simple

Study of Yang and Tan [40] S-W-C 216 × 206 × 17 × 10 304 × 165 × 10 × 6 Grade 8.8 M20 L 200 × 90 × 8 Simple

a D = depth of I-section; B = width of flange of I-section; tf = thickness of flange of I-section; tw = thickness of web of I-section; SP = shear plate; L = angle.

Fig. 1. Plan view of prototype building and selected specimens (Dimensions are measured in mm).
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critical zones in steel frames has considerable reserve capacity
owing to the strain hardening of beam sections. Different progres-
sive collapse events of a steel framed building were investigated
by Bae et al. [26]. The corner column removal was shown to be cru-
cial for progressive collapse of part of the steel building. Macro-
model was used by Han et al. [27] to investigate the progressive
collapse potential of steel moment-resisting frames with stiffened
beam-column joints. This modeling approach was able to simulate
the joint deformation and the formation of catenary action stage
in the progressive collapse event. In another study, stability consid-
erations of steel frames subjected to corner column loss scenarios
were emphasized by Gerasimidis et al. [28], where local inelastic
column buckling or global system instability were identified as crit-
ical collapse mechanisms.

The influence of composite floor slabs on the progressive collapse
risk of steel frames was numerically studied by several researchers
2

[29–31]. Alashker et al. [29] investigated the progressive collapse poten-
tial of steel/concrete composite slabs in which the steel beams were
connected to the columns via shear plates. Sadek et al. [30] developed
finite element modeling for the composite slab by adding somemodifi-
cations in modeling the shear studs. In another study, the progressive
collapse risk of 3D steel frame assemblieswithout slabswas experimen-
tally studied by Dinu et al. [32].

Qiao et al. [33] investigated the risk of progressive collapse of mul-
tistory steel framed structures by their simplification as single-story
steel beam-column substructures. Naji [34] presented a simple model-
ing approach for assessing the progressive collapse risk of steel beam-
column substructures due to middle column missing event. Ebrahimi
et al. [35] investigated numerically the progressive collapse potential
of six multistory steel moment frame buildings under column-loss
events using 3D FE modeling. Two strengthening schemes for
column-loss events were studied. These schemes included the use of



Fig. 2. Details of 2D assembly S-P-B-2D (Note: All dimensions are measured in mm): (a) Testing setup; (b) Instrumentation layout.
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cables and braces. It is revealed that cables and bracing members
could noticeably reduce the beam displacement at the missing column
location. Foley et al. [36] performed linear dynamic analysis of 3D
steel frames (after concluding that linear and nonlinear responses do
not differ significantly), where slabs were replaced by horizontal stiff-
eners. Pantidis and Gerasimidis [37] developed analytical approach for
assessing the robustness of 3D steel framed buildings subjected to an
interior gravity column loss scenario. This approach was applied on a
9-story steel framed structure, and it was numerically verified. The de-
veloped analytical method was found to be in good agreement with
the numerical results.

Alrubaidi et al. [38] presented experimental and numerical investi-
gation on the behavior of different commonly used types of steel inter-
mediate moment resisting frame joints under column-missing event.
The authors found that tensile resistance of beam-column connections
after experiencing large deformation generally controls the mode of
failure and the development of catenary action. They also found that
3

among all types of investigated beam-column connections, the one
thatwasdesigned as per the Turkish-EarthquakeCode [39] had the larg-
est resistance against progressive collapse.

On themajority of the experimental and numerical studies, minimal
consideration has been given to the influences of transverse beams, and
especially, the additional capacity owing to transversemembers. There-
fore, a 3D beam-column assembly was experimentally evaluated in the
current research to investigate the contribution of transverse beams in
giving alternative load paths under column-loss event in simple steel
beam-column connection. In this research, the progressive collapse
risk of 2D and 3D single story one-third scale steel frame assemblies
having simple shear beam-column joints was experimentally assessed
under middle column missing event. The 2D assembly comprised two
beams and three columns; while the 3D assembly was the same as the
2D assembly exceptwith the addition of a transverse beam at the center
beam-column connection. Progressive collapsewasmodeled by placing
a quasi-static loading on the center column at a downward



Fig. 3. Details of 3D assembly S-P-B-3D (Note: All dimensions are measured in mm): (a) Testing setup; (b) Instrumentation layout.
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displacement rate of 100mm/s. The two test frames alongwith another
2D steel frame assembly with simple beam-column connection, tested
by Yang and Tan [40], were employed to validate 3D nonlinear FE
models developed with the help of ABAQUS software [41]. These
models considered the nonlinear material behavior with strain rate ef-
fects in addition to surface-to-surface contact algorithms between
4

steel parts. Hence, the validated FE analysis was utilized to evaluate
the progressive collapse potential of different steel simple beam-
column connections. These connections were designed following the
requirements of AISC-LRFD [42]. Behavior of simple beam-column joints
was compared on the basis of their failure modes and load versus dis-
placement characteristics at different stages.
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2. Specimens and test setup

2.1. Design of Test Specimens

The two frame assemblies tested in the current research are one-
third scale specimens of an eight-story prototype office steel building.
The framing plan of the building in addition to the 2D and 3D assemblies
are depicted in Fig. 1. The center-to-center spacing of columns in all di-
rections was 6m. Steel frames were taken out of the prototype building
and they were then tested under middle column missing scenario. De-
tails of the 2D and 3D test assemblies are given in Table 1 and Figs. 2
and 3. The 2D assembly (specimen S-P-B-2D) was prepared with
shear-type beam-column joint and was employed as a control frame
Fig. 4.Details of center connection of assemblies utilized for validating the FE analysis (Dimens
this study; (c) Assembly S-W-C tested by Yang and Tan. [40].

5

to be used as a baseline for comparison. The control frame assembly de-
notes one of the widely used steel beam-column connections in zones
with non-seismic activity. The 3D assembly (S-P-B-3D) was designed
to be the same as S-P-B-2D, except with the addition of a transverse
beam at the center connection, as seen in Fig. 3. All frame assemblies
have three columns with center-to-center spacing of 2 m with the
total column height being 2 m (Figs. 2 and 3). Details of beam-column
joints of the two test frames are shown in Fig. 4. Beams of all frame as-
semblies were constructed from the rolled steel section H 194 × 150,
whereas the rolled steel section H 200 × 200 was utilized for columns,
as presented in Table 1 and Figs. 2 and 3.

Fig. 4(a) depicts the single plate shear connection utilized in
specimen S-P-B-2D. The beam web was connected to the 6-mm
ions are measured inmm): (a) Assembly S-P-B-2D of this study; (b) Assembly S-P-B-3D of



Fig. 5. Detailed size diagrams of the material characterization specimens (Note: All
dimensions are measured in mm): (a) Coupon test; (b) Welded T-stub test; (c) Bolted
T-stub.

H. Elsanadedy, M. Alrubaidi, H. Abbas et al. Journal of Constructional Steel Research 179 (2021) 106533
thick tab plate using two M16, grade 10.9 bolts. Fillet welding was
utilized to weld the tab plate to the flange of the column. The de-
sign of the welded connection followed the requirements of AISC-
LRFD [42]. Figs. 3 and 4(b) show the 3D assembly S-P-B-3D. Besides
the two frame assemblies tested in this research, another simple
connection specimen (S-W-C) that was tested in literature by
Yang and Tan [40] (see Table 1 and Fig. 4(c)) was employed for
validating the FE analysis.

2.2. Properties of constituent materials

Prior to testing of specimens, standard steel coupons taken out of
different parts (plates, beams and columns) were tested, for evaluating
their mechanical properties. Additionally, the bolts and welding were
6

tested using T-stub to determine their mechanical properties employed
for validating the FE analysis (see Figs. 5 and 6). Tables 2 and 3 list mea-
sured material properties of different parts of test frames. It should be
noted that the values shown in the Tables 2 and 3 are averages from
three tests.
2.3. Instrumentation and test setup

For simulation of the real boundary conditions of the prototype
building in the testing of specimens, the out-of-plane displacement at
the level of the frame beams was restrained as presented in Figs. 2
and 3. Furthermore, the two exterior columns of the test specimen
were partly extended above the level of the beam, and the upper ends
of the columns were braced as shown in Figs. 2 and 3. It should be
outlined that these bracings were designed to be stiff for simulating
the continuity of columns and beams, respectively, in vertical and hori-
zontal directions. It is worth mentioning here that the bracing system
utilized in current study is the same as other previous studies
[40,43–45].

In real progressive collapse events (especially due to blast threats), the
column is removed abruptly with very high speed (strain rates in the
range of 100–10,000 s−1 [46]). This abrupt column loss scenario was rep-
resented in the experiments by taking out the support of the middle test
column and applying a vertical loading on that columnusing a high speed
actuator at a rate of 100mm/s. However, the very high speed in real pro-
gressive collapse events cannot be simulated in the tests owing to the ac-
tuator limits. The adopted loading rate (100 mm/s) was similar to quasi-
static type testing, and it was found by the authors in prior studies
[38,47–49] to have loads with strain rate of about 0.01 s−1. Accordingly,
the inertial effects in the tests were smaller than those expected in real
progressive collapse events. Nevertheless, the increase in stresses due to
the inertial forces is partially compensated by the increased material
strength owing to strain-rate effect.

Test specimens were instrumented to record joint rotation, down-
ward displacements, and strains in the critical locations. For accurate
measurement of downward displacement of beams at different locations,
laser transducers were utilized as seen in Figs. 2 and 3. Quasi-static load-
ing was applied on the center column using an actuator in a
displacement-controlledmanner. Post-yield strain sensors were attached
at crucial locations of connections to record strains in beams, as depicted
in Figs. 2 and 3. Pretest FE models were developed with the help of
ABAQUS [41] to assess approximately the behavior of test frames.
3. Experimental results

Table 4 lists the test results of the two frame assemblies tested in
current research. The experimental results for specimen S-W-C tested
by Yang and Tan [40] are also presented in the table. These results incor-
porate the vital parameters of the load-displacement curve, which are:
(a) load at first yield of shear plate or angle at inner column face,
(b) maximum loads of flexural and catenary action stages,
(c) downward displacement of center column at first yield of shear
plate or angle at inner connection, (d) downward displacements of cen-
ter column at maximum loads of flexural and catenary action stages,
(e) downward displacement of center column at ultimate state,
(f) maximum axial force in the beam at catenary action stage,
(g) dissipated energy (area under load-displacement curve) at ultimate
state, (h) rotation of beam at maximum load, and (i) failure mode. It
should be mentioned that the ultimate state is defined as that corre-
sponding to a 20% reduction in the maximum load at the post-peak
stage as per Ref. [50].



Fig. 6. Details of material specimens used for FE validation: (a) Coupon test; (b) Welded T-stub test; (c) Bolted T-stub test.
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Table 2
Mechanical properties for material of different parts of assemblies tested in this study.

Component Thickness
t (mm)

Yield
strength
fy (MPa)

Tensile
strength
fu (MPa)

Elongation at fracture δ
(%)

Column
flange

12 295 466 22

Column web 8 304 462 20
Beam flange 9 332 471 23
Beam web 6 362 471 19
Shear plate 6 283 356 23
Bolt class
10.9

16 957 1071 10.3
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For the 2D frame, in order to calculate the axial force in the
beams Nu,CA, strain gages were employed to record the variation in
axial strain along the beam depth. Consequently, distribution of nor-
mal stresses along the depth was calculated, and these stresses were
integrated to compute the axial force in the beam. The rotations of
ends of beams (θ) are assumed the same. The ultimate load of the
frame assembly Pu comprises of two parts: load resistance owing toflex-
ural action (Pu,FA) and load resistancedue to catenary action (Pu,CA). Fig. 7
depicts the free body diagram of the 2D assembly. The two load compo-
nents can be roughly assessed from the simple analysis proposed in Ref.
[51] as per the following formulas:

Pu,CA ¼ 2 Nu,CA sin θ ð1Þ

Pu,FA ¼ Pu−Pu,CA ð2Þ

For 3D frame, the free body diagram of the assembly is shown in
Fig. 8. The peak load of the catenary action stage is computed from the
simple analysis followed in Refs. [51, 52] as per the following formula:
Table 3
Input parameters for material models used in the FE modeling.

Stage Name of input parameter Value of input parameter

Column flange Column we

Elastic Young's modulus (GPa) 205 212
Poisson's ratio 0.3 0.3
Density (kg/m3) 7.85 × 103 7.85 × 103

Plastic True stress-strain curve see Fig. 13(a) see Fig. 13(
Damage of ductile Fracture straina 0.55 0.56

a Determined from the true stress-strain curves shown in Figs. 13(a) and (b).

Table 4
Key elements of experimental and FE load-displacement responsea

Specimen
ID

Results Flexural action stage Catenary action stage

Py
(kN)

Δy

(mm)
Pu,FA
(kN)

Δu,c-FA

(mm)
Pu,CA
(kN)

Pu,CA /
Pu,FA

S-P-B-2D EXP – – 9 92 72.6 8.07
FE – – 9 92 71.5 7.94
EXP/FE – – 1.00 1.00 1.02 1.02

S-P-B-3D EXP – – 10.8 77 116 10.7
FE – – 13.1 77 115 8.7
EXP/FE – – 0.82 1.00 1.00 1.2

S-W-C EXP – – 3 75 119 40
FE – – 3 74 120 40
EXP/FE – – 1.00 1.01 0.99 1.00

a Py=load atfirst yield of plate or angle at inner column face;Δy=displacement ofmiddle co
stage; Δu,c-FA =displacement of middle column at peak load of flexural action stage; Pu,CA =pe
catenary action stage; Nu,CA = peak beam axial force at catenary action stage; Pu = progressiv
dissipated at ultimate state; and θ = beam rotation at maximum load.

8

Pu,CA ¼ 3 Nu,CA sin θ ð3Þ

The peak load at flexural action stage of the 3D frame assembly was
then computed from Eq. (2). The maximum loads of flexural and cate-
nary actions were then calculated for the three test specimens and are
enlisted in Table 4. Below is a brief discussion of the experimental re-
sults for each test frame.

3.1. 2D simple connection (S-P-B-2D)

Depicted in Fig. 9(a) is the observedmode of failure for control frame
S-P-B-2D. It is identified that steel buildings with simple shear connec-
tions are susceptible to the risk of progressive collapse under missing
column event. As a typical characteristic of such connection, the beam
rotation at ends is increased as the center column displacement is in-
creased and the moment resisting capacity of the connection is limited.
Load-displacement response of frame S-P-B-2D is shown in Fig. 9. As
displayed in Fig. 10, the frame assembly could take small loading up to
a displacement of 75 mm. At a displacement of 92 mm, tensile axial
force was developed in the beam, which reveals the initiation of cate-
nary action phase as shown in Fig. 10(b). Additional load increase re-
sulted in bearing deformations of bolt holes in the tab plate. As the
load was 72.6 kN, the tab plate at one of the outer joints fully frac-
tured causing collapse of the assembly (see Figs. 9(a) and 10). The
center column displacement at this stage was 386 mm (θ = 11.9°).
The displacement profile of the beam at different loads is presented
in Fig. 10(c).

3.2. 3D simple connection (S-P-B-3D)

As mentioned previously, a two-span beam and two exterior col-
umns in the assembly plane connected to a transverse beam at the cen-
ter connection was utilized for 3D simple connection S-P-B-3D. As
b Beam flange Beam web Shear plate Bolt class 10.9

194 196 194 210
0.3 0.3 0.3 0.3
7.85 × 103 7.85 × 103 7.85 × 103 7.85 × 103

a) see Fig. 13(a) see Fig. 13(a) see Fig. 13(a) see Fig. 13(b)
0.6 0.61 0.6 0.21

Pu
(kN)

Δu

(mm)
Eu
(kN.m)

θ
(degree)

Mode of failure

Δu,c-CA

(mm)
Nu,CA

(kN)

375 172 72.6 386 12.5 11.9 Fracture of tab
plate383 172 71.5 383 12.7 11.8

0.98 1.00 1.02 1.01 0.98 1.01
404 204 116 500 28.2 11.4 Fracture of tab

plate400 201 115 503 28.3 11.1
1.01 1.01 1.00 0.99 1.00 1.02
367 369 119 385 14.6 8.97 Angle fracture
367 367 115 374 14.5 8.6
1.00 1.00 1.03 1.03 1.00 1.04

lumn atfirst yield of plate or angle at inner column face;Pu,FA=peak load of flexural action
ak load of catenary action stage; Δu,c-CA =displacement of middle column at peak load of
e collapse resistance; Δu = displacement of middle column at ultimate state; Eu = energy
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shown in Fig. 11, behavior of this connection was much better than the
2D assembly S-P-B-2D with regard to flexural stiffness and progressive
collapse resistance. Furthermore, as identified from Table 4, the rotation
of specimen S-P-B-2D under column-missing event is almost same as
rotation of specimen S-P-B-3D. From Figs. 10 and 11, it is clear that
the initial response of S-P-B-3D specimen up to a displacement of
75 mm is almost same as specimen S-P-B-2D. For 3D assembly S-P-B-
3D, tensile axial force in the beam was initiated at a displacement of
77 mm, which reveals the initiation of the catenary action phase as
shown in Fig. 11(b). Additional load increase resulted in bearing defor-
mations of bolt holes in the tab plate. As the load was 116 kN, tab plates
at the middle beam-column joint (where it is connecting to transverse
beam) fully fractured causing collapse of the test assembly as seen in
Figs. 9(b) and 11. At this stage, the center column displacement was
Fig. 7. 2D simplified mechanical model: (a) Deformed shape of 2D spec

9

404 mm (θ = 11.4°). The displacement profile of the longitudinal
beams at different loads is presented in Fig. 11(c).

4. FE analysis

The commercial FE package ABAQUS [41] was utilized to model test
frames. Accounting for its symmetry, only one-half of the assembly was
modeled. Details of the FE modeling are discussed below.

4.1. FE mesh

Fig. 12(a) presents the FE geometry for frame S-P-B-3D. Eight-node
constant stress brick elements were used for different parts (columns,
beams, tab plates, bolts, stub columns, and lateral restraints for beams
imen; (b) Force equilibrium diagram for the catenary action stage.



Fig. 8. 3D simplified mechanical model: (a) Deformed shape of 3D specimen; (b) Force equilibrium diagram for the catenary action stage.
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and columns). The size of brick elements in the FEmesh varied from2 to
25 mm. For bolts, a dense mesh with 2.0 mm size was employed. How-
ever, element size was about 5 mm at beam ends, where fracture of tab
plates occurred (Fig. 12(b)). It is worth mentioning here that a mesh
sensitivity analysis was conducted and it was realized that a further
mesh refinement would have slight impact on the FE results; however,
it will significantly increase the computational time.
10
4.2. Material model calibration

Table 3 lists the input parameters for material models used in the FE
modeling. For material model input parameters listed in Table 3, tensile
tests were conducted on standard steel coupons (welded T-stub and
bolted T-stub) as per relevant standards in Ref. [53]. The output of
each tensile test is the engineering stress-strain (σE - εE) curve, which



Fig. 9. Experimental failure mode for assemblies of this study: (a) Assembly S-P-B-2D; (b) Assembly S-P-B-3D.
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was converted into a true stress-strain (σtrue - εtrue) curve (Fig. 13) using
the following Eqs. [54]:

бtrue ¼ бE 1þ εEð Þ ð4Þ

εtrue ¼ In 1þ εEð Þ ð5Þ

For standard steel coupons, once they reach their peak load,
owing to necking, they appear to soften, whereas they are really
hardening [55,56]. The true stress-strain plot (Fig. 13) past the
peak strength of the engineering stress-strain relationship was
taken ascending with a parabolic shape. FE models were created in
ABAQUS [41] for the tensile test of steel coupons, using the actual di-
mensions of the coupon specimens (Figs. 5 and 6). In this regard, 8-
noded solid elements were employed and the element size was cali-
brated by iterative analysis. The size of the FE mesh was adjusted
11
until quantitative agreement of the measured and calculated load-
displacement curves for the three coupon types as seen in Fig. 14.
The experimentally observed steel fracture in the coupons was sim-
ulated by element deletion using the “damage for ductile metal” ap-
proach available in ABAQUS [41]. In this approach, elements were
eroded from the FE model using the plastic fracture strain (listed in
Table 3) determined from the true stress-strain curves shown in
Fig. 13 for different parts. Fig. 6 shows comparison between the ex-
perimental and FE failure modes for samples of the standard tests
on steel coupons, welded T-stubs, and bolted T-stubs. Good agree-
ment was noticed between the experimental and FE results. This
confirms the aptness of both element size and input material param-
eters in capturing steel fracture via element erosion. Thus, the cali-
brated element size has been used in the 3D FE modeling of the 2D
and 3D frame assemblies, especially at critical locations near beam-
column connections.



Fig. 10. Load vs displacement relationship for assembly S-P-B-2D of this study:
(a) Envelope of load vs displacement; (b) Flexural and catenary action phases;
(c) Displacement profile of beam at different load levels.

Fig. 11. Load vs displacement relationship for assembly S-P-B-3D of this study:
(a) Envelope of load vs displacement; (b) Flexural and catenary action phases;
(c) Displacement profile of beam at different load levels.
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4.3. Boundary conditions and loading strategy

As displayed in Fig. 12, the modeled boundary conditions repre-
sented precisely those of the test specimens. Supports at base of col-
umns as well as lateral bracing were modeled at the same locations as
the tests (Fig. 12). For more accurate modeling of the boundary condi-
tions, the actual stiffness of the lateral bracing members was repre-
sented by their modeling using solid elements. However, both stub
columns and bracing members were rigidly connected to base steel I-
beams, which were tied to the strong floor of the lab. Accordingly, the
12
bases of the stub columns and bracing members were modeled as
fixed supports, as seen in Fig. 12(a). The out-of-plane movement of
the flanges of the beamwas restrained at the nodes where lateral brac-
ingmembers are added in the test assembly. As presented in Fig. 12, the
fixity of the base of outer columnswasmodeled via restraining rotation
and displacement at the lower end nodes in the global Cartesian
coordinates.

The explicit module of ABAQUS was employed to conduct the FE
modeling. This has been validated in prior studies on progressive



Fig. 12. FE mesh for assembly S-P-B-3D: (a) Overall view; (b) View of different parts.
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collapse of buildings [38,44,57]. Owing to symmetry in the specimens,
only one-half of the assembly was modeled, as displayed in Fig. 12(a),
and boundary conditions simulating symmetry were input in the
model. In order to model the displacement-controlled quasi static load-
ing used in the experiments, displacement versus time function was
input to the upper end nodes of the center column. The general contact
type of ABAQUS software was input between elements of webs, bolts,
and tab plates. A friction coefficient of 0.3 was input for the steel ele-
ments that were firstly in contact [41,47]. The welding between differ-
ent steel parts was modeled using “tie” contact interface [41].

4.4. Validation of FE analysis

The test results of the two assemblies of current study (S-P-B-2D and
S-P-B-3D) in addition to specimen S-W-C tested by Yang and Tan [40]
13
were employed to validate the FEmodeling. Discussion of the FEmodel-
ing results is presented with regard to failure mode and load-
displacement response.

Table 4 lists comparison between experimental and FE key results of
load versus displacement response for the three test assemblies. As
depicted from Table 4, errors in the prediction of maximum load of flex-
ural and catenary actions ranged from 0%–18% and 0%–2%, respectively.
In addition, prediction errors of 0%–1% and 0%–2%were, respectively, es-
timated for middle column displacement at maximum load of flexural
and catenary actions. However, the error in the prediction of maximum
axial force in the beam at catenary action stage ranged from 0%–1%.
Moreover, it is noted fromTable 4 that the dissipated energywaswell es-
timated by the FE analysis with error in prediction ranging from 0%–2%.

Fig. 15 displays the FE modes of failure of the three test frames and
it is clarified that they match well with the test observations. Figs. 16



Fig. 13. True stress vs plastic strain graph for (a) Coupon materials; (b) 10.9 bolt material.

Fig. 14. Comparison of load vs displacement response for: (a) Coupon plate specimen;
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(a) to (c) illustrate comparisons between experimental and FE
load-displacement curves for the three specimens. Good agreement
was obtained between the two envelopes, particularly for the peak
load. Moreover, as seen from Figs. 16(a) to (c), the stiffness of the
specimens was well predicted in the FE modeling. Also, the descend-
ing part of the load versus displacement curve was well estimated in
the FE analysis as presented in Figs. 16(a) to (c). This evidences the
accuracy of the constitutive models used in the analysis. Thus, the de-
veloped FE analysis was validated for steel shear beam-column joints.
Therefore, the validated models can be employed in the assessment of
progressive collapse potential of different designs of steel simple
beam-column joints under column-missing events, as will be detailed
in the following section.
(b) Welded T-stub specimen; (c) Bolted T-stub specimen.
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Fig. 16. Comparison of load vs displacement envelopes for: (a) Assembly S-P-B-2D of
this study; (b) Assembly S-P-B-3D of this study; (c) Assembly S-W-C tested by Yang
and Tan [40].
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5. FE study of different shear joints

Eight simple beam-column joints were studied using FE modeling
under center column-missing events as presented in Table 5 and
Fig. 17. These joints were designed according to AISC-LRFD [42]. As ex-
plicable from Table 5 and Fig. 17, out of the eight assemblies, two joints
have single shear plate welded to column flange and beam web,
whereas six joints have double angle bolted (or welded) to column
flange and beam web. As shown in Table 5, these joints, specifically,
are: S-P-W-2D (single shear plate welded to column flange and beam
web), S-P-W-3D (same as S-P-W-2D but with transverse beam), D-A-
B-2D (double angle bolted to column flange and beam web), D-A-B-
3D (same as D-A-B-2D but with transverse beam), D-A-W-2D (double
angle welded to column flange and beam web), D-A-W-3D (same as
D-A-W-2D but with transverse beam), D-A-B-W-2D (double angle
bolted to beam web and welded to column flange), and D-A-B-W-3D
(same as D-A-B-W-2D but with transverse beam). It is worth noting
that specimen S-P-W-2D is identical to specimen S-P-B-2D, which has
been tested in current research, but with shear plate welded to flange
of column and web of beam, as shown in Fig. 17(a).

FEmodes of failure for the eight studied simple connections are illus-
trated in Fig. 18. Key elements of load versus displacement characteris-
tics are listed in Table 6 for the eight connection specimens. Figs. 19 to
26 display FE load-displacement curves for all eight specimens. Discus-
sions of the FE analysis results of different simple connections are de-
tailed below.

5.1. Welded single shear plate connections

Load versus displacement relationship for specimen S-P-W-2D is
presented in Fig. 19. Throughout the preliminary loading phase, the
behavior of the specimen was nearly in the linear elastic stage without
obvious damage. Following the initial yielding of the tab plate, the
load-displacement response was nonlinearwith reduction in the secant
stiffness. Specimen S-P-W-2D had significant displacements and rota-
tions prior to its failure. At a center column displacement of 194 mm,
the welded tab plate of the exterior connection fractured, and then it
fully separated from the exterior column flange (Fig. 18(a)). The pre-
dicted load at this displacement level was about 81 kN and the rotation
of the beam was nearly 5.5° (Table 6).

Fig. 20 shows load-displacement curve for specimen S-P-W-3D.Dur-
ing the preliminary loading phase, the behavior of the specimen was
nearly in the linear elastic stage without obvious damage. Following
the initial yielding of the tab plate, the load-displacement response
was nonlinear with reduction in the secant stiffness. It is noted that
prior to its failure, specimen S-P-W-3Dhad larger rotation and displace-
ment than specimen S-P-W-2D. Failure of specimen S-P-W-3Dwas at a
middle column displacement of about 257 mm that is correspondent to
a peak load of about 151 kN and a beam chord rotation of almost 7.3°.
Failure of specimen S-P-W-3D was because of fracture of the tab plates
at the middle beam-column joint. As illustrated in Fig. 18(b), this frac-
ture propagated through the plates until the specimen was not able to
carry additional loading.

5.2. Double angle connections

Load versus displacement relationship of specimen D-A-B-2D is
shown in Fig. 21. Due to the limited moment capacity of the simple
shear connection, the frame assembly rotated at both endswith increas-
ing center column displacement. During the preliminary loading phase,
the specimen was not able to carry any loading until tensile axial force
Fig. 15.Numerically predicted failuremode for: (a) Assembly S-P-B-2D of this study; (b) Assem
Von Mises stress contours.
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was developed in the beam at large displacement. This reveals the
onset of the catenary action stage as illustrated in Fig. 21. As shown in
Fig. 21 and Table 6, the specimen reached its maximum load of flexural
action phase (9 kN) at a displacement of 102 mm. At this displacement
bly S-P-B-3D of this study; (c) Assembly S-W-C tested by Yang and Tan [40]; (d) Legend of



Table 5
FE analysis matrix for numerically studied shear beam-column connections.

Specimen ID Type of shear
connection

Connection with beam Connection with column Bolt/Welding Type of frame assembly

S-P-W-2D Single shear plate Single shear plate welded to web of
beam

Single shear plate welded to flange of
column

Fillet Welded 2D assembly (see Fig. 17(a))

S-P-W-3D Single shear plate Single shear plate welded to web of
beam

Single shear welded to flange and web of
column

Fillet Welded 3D assembly (see Fig. 17(b))

D-A-B-2D Double angle Double angle bolted to web of beam Double angle bolted to flange of column Bearing Bolt 2D assembly (see Fig. 17(c))
D-A-B-3D Double angle Double angle bolted to web of beam Double angle bolted to flange and web of

column
Bearing Bolt 3D assembly (see Fig. 17(d))

D-A-W-2D Double angle Double angle welded to web of
beam

Double angle welded to flange of column Fillet Welded 2D assembly (see Fig. 17(e))

D-A-W-3D Double angle Double angle welded to web of
beam

Double angle welded to flange and web of
column

Fillet Welded 3D assembly (see Fig. 17(f))

D-A-B-W-2D Double angle Double angle bolted to web of beam Double angle welded to flange of column Bearing Bolt /Fillet
Welded

2D assembly (see Fig. 17(g))

D-A-B-W-3D Double angle Double angle bolted to web of beam Double angle welded to flange and web of
column

Bearing Bolt /Fillet
Welded

3D assembly (see Fig. 17(h))

Fig. 17. Details of numerically investigated beam-column connections (Dimensions are measured in mm): (a) Assembly S-P-W-2D; (b) Assembly S-P-W-3D; (c) Assembly D-A-B-2D;
(d) Assembly D-A-B-3D; (e) Assembly D-A-W-2D; (f) Assembly D-A-W-3D; (g) Assembly D-A-B-W-2D; (h) Assembly D-A-B-W-3D.
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level, tensile axial force was initiated in the beam, which indicates the
beginning of catenary action phase. As depicted from Table 6 and
Fig. 21, the specimen reached its maximum load of catenary action
Fig. 18. FE failure mode for numerically investigated beam-column connections:
(a) Assembly S-P-W-2D; (b) Assembly S-P-W-3D; (c) Assembly D-A-B-2D;
(d) Assembly D-A-B-3D; (e) Assembly D-A-W-2D; (f) Assembly D-A-W-3D;
(g) Assembly D-A-B-W-2D; (h) Assembly D-A-B-W-3D; (i) Legend of Von Mises stress
contours.
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phase (126 kN) at a displacement of 559 mm. At this displacement
level, failure occurred in the middle connection because of fracture of
angles owing to the significant tensile axial force in the beams (see
Fig. 18(c)).

Fig. 22 shows load versus displacement relationship for assembly D-
A-B-3D. In the preliminary loading phase, the behavior of the specimen
was nearly the same as specimen D-A-B-2D. It is noted that prior to its
failure, specimen D-A-B-3D had larger rotation and displacement than
the previous 3D simple specimens (S-P-B-3D and S-P-W-3D). Failure
of specimen D-A-B-3D was at a middle column displacement of about
556 mm that is correspondent to a peak load of nearly 215 kN and a
beam chord rotation of about 15.5°. This failure was due to fracture of
angles at the middle connection. This fracture propagated through the
angles until the specimen could not take additional loading, as seen in
Fig. 18(d).

Load-displacement characteristics for assembly D-A-W-2D is pre-
sented in Fig. 23. During the preliminary loading stage, the behavior of
the specimen was nearly in the linear elastic stage without obvious
damage. Following the initial yielding of the welded double angle, the
load-displacement response was nonlinearwith reduction in the secant
stiffness. As shown in Fig. 23 and Table 6, the specimen reached itsmax-
imum load of flexural action phase (67 kN) at a displacement of 75mm.
At this displacement level, tensile axial force was initiated in the beam,
which indicates the beginning of catenary action phase. Maximum load
of catenary action phase was 100 kN, as depicted from Fig. 23 and
Table 6. The outer connection failed at displacement of 225mmbecause
of fracture ofwelded double angles owing to the significant tensile axial
force in the beams (see Fig. 18(e)).

Fig. 24 presents load versus displacement characteristics for frame
D-A-W-3D. In the preliminary loading stage, the behavior of the
specimen was in the almost in the linear elastic stage without obvious
damage. Following the initial yielding of the welded double angles,
the load-displacement responsewas nonlinearwith reduction in the se-
cant stiffness. It is noted that prior to its failure, specimen D-A-W-3D
had less displacement and rotation than specimenD-A-W-2D. At amid-
dle columndisplacement of nearly 217mm, failure of specimenD-A-W-
3D occurred, which corresponded to maximum load of almost 132 kN
and beam chord rotation of nearly 2.2°. Failure of specimen D-A-W-3D
owed to fracture of the welded double angles at the middle beam-
column connection. This fracture propagated through the plates until
the specimen could not take additional loading (Fig. 18(f)).

Fig. 25 presents load-displacement response for frame D-A-B-W-2D
and its numerically predicted failure mode is shown in Fig. 18(g). Com-
pared with the former joints, the bolted double angle to web of beam
and welded to flange of column connection (D-A-B-W-2D) has a
lower rotation capacity than the fully bolted joint D-A-B-2D and larger
rotation capacity than the fully welded connection D-A-W-2D. Failure
of connection D-A-B-W-2D was due to tearing at web of beam (see
Fig. 18(g)), which was at a maximum load of 74 kN (the corresponding
center columndisplacementwas322mmas seen in Fig. 25). Failurewas
also characterized by significant bearing deformation of the bolted an-
gles around the holes of the bolts. This specimen could resist small
load at small displacement levels until the formation of different actions
at large values of center column displacement. It should be noted that
specimen D-A-B-W-2D has limited load capacity due to the small rota-
tion limit of the joint compared with the rest 2D double angle (bolted
and welded) web-cleats connections.

For specimenD-A-B-W-3Dwhich is similar to D-A-B-W-2D butwith
adding a transverse beamat themiddle joint, there is nodistinctflexural
phase as depicted from the load-displacement curve in Fig. 26. The small
deformation of the beamweb close to the exterior column revealed the
onset of yielding after which the second phase was initiated with



Table 6
Key elements of load-displacement response for numerically studied shear beam-column connectionsa

Specimen ID Flexural action stage Catenary action stage Pu
(kN)

Δu

(mm)
Eu
(kN.m)

θ (degree) Mode of failure

Py
(kN)

Δy

(mm)
Pu,FA
(kN)

Δu,c-FA

(mm)
Pu,CA
(kN)

Pu,CA / Pu,FA Δu,c-CA

(mm)
Nu,CA

(kN)

Fin-plate connections
S-P-W-2D 18 6 47 102 81 1.72 194 263 81 225 11.4 5.5 Fracture of shear plate
S-P-W-3D 38 6 84 78 151 1.8 257 270 151 257 36.5 7.3 Fracture of shear plate

Double angle (bolted and welded) web-cleat connections
D-A-B-2D – – 9 102 126 14 559 197 126 597 27.1 15.6 Fracture of angles
D-A-B-3D – – 6 102 215 34.2 556 226 215 646 52.5 15.5 Fracture of angles
D-A-W-2D 24 6 67 75 100 1.5 150 408 100 234 17.3 4.3 Fracture of angles
D-A-W-3D 33 6 87 75 132 1.5 149 427 132 217 21 2.2 Fracture of angles
D-A-B-W-2D – 6 15 70 74 5 322 213 74 497 15.2 9.2 Tearing failure at web of beam
D-A-B-W-3D – 6 18 74 117 6 330 218 117 486 24 9.4 Tearing failure at web of transverse

beam

a Py load at first yield of plate or angle at inner column face;Δy=displacement ofmiddle column at first yield of beam bottom flange at inner column face; Pu,FA=peak load of flexural
action stage;Δu,c-FA=displacement ofmiddle columnat peak load offlexural action stage; Pu,CA=peak load of catenary action stage;Δu,c-CA=displacement ofmiddle column at peak load
of catenary action stage;Nu,CA=peak beam axial force at catenary action stage; Pu=progressive collapse resistance; Δu=displacement ofmiddle column at ultimate state; Eu =energy
dissipated at ultimate state; and θ = beam rotation at maximum load.
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reduction in the flexural stiffness. The specimen reached its maximum
load of flexural action phase (18 kN) at a displacement of 74 mm. Nev-
ertheless, as seen in Fig. 26 and Table 6, maximum load of catenary ac-
tion phase was about 117 kN that is correspondent to a center column
displacement of 330 mm. As depicted from Fig. 18(h), the transverse
beam at outer joint fractured by tearing failure at its web.

6. Comparison of simple connections

It is explicable from Table 6 that for investigated simple beam-
column joints, the progressive collapse resistance for specimens with
simple bolted connections could increase significantly under a middle
column removal scenario if tensile axial force (catenary action) is
taken into account in beams. However, frame assemblies with simple
welded joints could attain theirmaximum loadwithout the effect of cat-
enary action.

Fig. 27 illustrates comparison of load-displacement curves for all
studied connections. As confirmed from the results of both experimen-
tal and numerical study, the investigated steel beam-column joints ex-
perienced three distinct performance phases (elastic phase, flexural
action phase and catenary action phase). At low displacement levels,
only simple welded connection specimens stayed firstly in the elastic
phase. In this phase, assemblies S-P-W-3D and D-A-W-3D have the
highest load resistance. Once the tab plate and angles atmiddle connec-
tion have yielded, the second phase of behavior was initiated and the
specimens carried loads through flexural action phase. In this phase,
frame D-A-W-3D attained the highest load capacity followed, respec-
tively, by frames S-P-W-3D, D-A-W-2D, and S-P-W-2D as shown in
Fig. 27 and Table 6. For the remaining frames, their behavior is nearly
similar to frame S-P-B-2D. Tensile axial forces were developed in the
beams with the increase in the center column displacement, signifying
the formation of catenary action phase. In this phase, specimens D-A-
W-3D, D-A-W-2D, S-P-W-3D and S-P-W-2D performed well. For in-
stance, for frame D-A-W-3D, it is revealed from Fig. 27 that the tensile
axial force increased in the beam until the joint was not able to carry
any additional stresses resulting from combined bending moment and
axial force.

Performance of studied simple shear steel beam-column connections
was compared in terms of their resistance to progressive collapse risk. Ac-
cordingly, connections of 3D assemblies were ranked in the order of
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increasing level of performance (peak load and dissipated energy) as
seen in Figs. 28(a) and (b) for peak load and dissipated energy, respec-
tively. It is found that among all studied connections, the double angle
boltedweb-cleats connection (specimen D-A-B-3D) had the largest resis-
tance to progressive collapse risk in terms of peak load and dissipated en-
ergy. This connectionwas followed by thewelded shear plate connection
(specimen S-P-W-3D). It was also identified from Fig. 28 that the lowest
peak load was given by the bolted shear plate connection (specimen
3D-S-1); however, the minimum dissipated energy was provided by the
double angle welded web-cleats connection (specimen D-A-W-3D).

Figs. 9, 15, and 18 compare between the modes of failure of the 2D
and 3D assemblies. It is generally identified that at higher levels of mid-
dle column displacement, concentration of stresses around the middle
connection of the 2D assembly was noticeably lower than that in the
3D assemblies, especially in the welded connections. This could be at-
tributed to the higher axial tension developed in the beams of the 3D as-
sembly during the final stages of loading. The effect of transverse beam
on the progressive collapse resistance of different simple beam-column
connections is illustrated in Figs. 29(a) and (b) with regard to percent
increase in peak load and dissipated energy, respectively. It is clear
that both strength and ductility of the assembly were significantly in-
creased owing to the effect of transverse beam. The 2D assemblies
gave lower bound solution for the progressive collapse resistance, and
the better performance of the 3D assemblies is expected. This is because
in the 3D assemblies, the load applied on the middle column is resisted
by three beams and the energy input in the assembly is dissipated in six
connections; whereas, in the 2D assemblies, the load is shared by two
beams and the energy is dissipated into four connections. As seen in
Fig. 29(a), the transverse beam enhanced the peak load of the assembly
by about 32% to 86% (average= 61%). However, the increase in the dis-
sipated energy due to effect of transverse beam ranged from 21% to
220% (average = 104%), as shown in Fig. 29(b).

The beneficial effect of the 3D response is the major load mobility
mechanism following the removal of primary load-bearing element in
multistory buildings. Such beneficial effect is often ignoredwhile study-
ing progressive collapse through 2D substructures. Consequently, the
progressive collapse resistance of steel framed buildings is often
underestimated when testing 2D beam-column assemblies under the
event of middle column removal. Efforts should be made to study the
progressive collapse by investigating the full steel framed building or



Fig. 19. Load vs displacement relationship for assembly S-P-W-2D: (a) Envelope of load vs displacement; (b) Flexural and catenary action phases.
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Fig. 20. Load vs displacement relationship for assembly S-P-W-3D: (a) Envelope of load vs displacement; (b) Flexural and catenary action phases.
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Fig. 21. Load vs displacement relationship for assembly D-A-B-2D: (a) Envelope of load vs displacement; (b) Flexural and catenary action phases.

H. Elsanadedy, M. Alrubaidi, H. Abbas et al. Journal of Constructional Steel Research 179 (2021) 106533

22



Fig. 22. Load vs displacement relationship for assembly D-A-B-3D: (a) Envelope of load vs displacement; (b) Flexural and catenary action phases.
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Fig. 23. Load vs displacement relationship for assembly D-A-W-2D: (a) Envelope of load vs displacement; (b) Flexural and catenary action phases.
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Fig. 24. Load vs displacement relationship for assembly D-A-W-3D: (a) Envelope of load vs displacement; (b) Flexural and catenary action phases.
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Fig. 25. Load vs displacement relationship for assembly D-A-B-W-2D: (a) Envelope of load vs displacement; (b) Flexural and catenary action phases.
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Fig. 26. Load vs displacement relationship for assembly D-A-B-W-3D: (a) Envelope of load vs displacement; (b) Flexural and catenary action phases.

H. Elsanadedy, M. Alrubaidi, H. Abbas et al. Journal of Constructional Steel Research 179 (2021) 106533

27



Fig. 27. Load-displacement comparison for: (a) 2D assemblies; (b) 3D assemblies.
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Fig. 28. Comparison of studied simple beam-column connections with regard to: (a) Peak load for 3D assembly; (b) Energy dissipated at ultimate state for 3D assembly.
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Fig. 29. Effect of transverse beam on progressive collapse risk with respect to: (a) Peak load; (b) Energy dissipated at ultimate state.
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at least testing 3D assemblies so that the realistic progressive collapse
resistance can be captured.

7. Conclusions

The key conclusions of current study can be itemized as follows:

1. Steel frame assemblies with investigated types of simple beam-
column connections had a limited progressive collapse resistance.
This resulted from the discontinuity of the beams across the joint
zone. Therefore, the beams were incapable of redistributing the
load taken by failed column to nearby steel elements.

2. For the 3D assemblywith bolted shear plate connection studied exper-
imentally in current study (specimen S-P-B-3D), large catenary action
was not mobilized and the beam axial force was considerably small
due to fracture of shear plate connecting transverse beamwithmiddle
column. However, for the same 3D assembly with double angle bolted
web-cleats connections (specimen D-A-B-3D), significant axial tensile
forces were generated in the beams and the catenary action stage was
then more distinct, providing an increase in the progressive collapse
resistance by about 85%more than that for specimen S-P-B-3D. This re-
veals the significance of the type of connector (double angle) between
beam and column flanges on the progressive collapse resistance of
beam-column joints subjected to column-loss events.

3. For simple shear joints studied in this research, if axial force in beams
(catenary behavior) is accounted for under amiddle column-missing
event, the progressive collapse resistance could increase consider-
ably for frame assemblies with bolted connections. However, assem-
blies with welded joints could reach their peak load resistance
without the influence of catenary action.

4. The transverse beam has led to major improvement in the progres-
sive collapse resistance of the 3D beam-column assemblies in com-
parison with the 2D assemblies. The average enhancements due to
the effect of transverse beam were 61% and 104% for peak load and
dissipated energy, respectively. Consequently, the progressive col-
lapse resistance of steel framed buildings is often underestimated
when testing 2D beam-column assemblies under the event ofmiddle
column removal. Efforts should bemade to study the progressive col-
lapse by investigating the full steel framed building or at least testing
3D assemblies so that the realistic progressive collapse resistance can
be captured.

5. For the 2D and 3D assemblies with both welded and bolted double
angle connections (specimens D-A-B-W-2D and D-A-B-W-3D),
even though the failure modes are due to tearing failure at web of
beam, failure was noted to be ductile with enhanced energy dissipa-
tion. Before occurrence of failure, tab plate of the exterior joint has
yielded, which resulted in the development of large axial tensile
force in the beams. This in turn mobilized the catenary action stage.

6. Performance of studied simple shear steel beam-column connections
was compared in terms of their resistance to progressive collapse risk.
Among all studied connections, the double angle bolted web-cleats
connection (specimen D-A-B-3D) had the largest resistance to pro-
gressive collapse risk in terms of peak load and dissipated energy.
This connection was followed by the welded shear plate connection
(specimen S-P-W-3D). These two types are thus recommended for
design codes of practice to be used as simple shear beam-column con-
nections inmultistory steel framed buildings in order tominimize the
progressive collapse risk and then save human lives. The lowest peak
load was given by the bolted shear plate connection (specimen 3D-S-
1). Therefore, this connection should be avoided, wherever possible,
in multistory steel framed buildings.
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