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A B S T R A C T

Being one of the most critical scenarios in extreme events such as blast attacks, the progressive collapse of
reinforced concrete (RC) structures has attracted the attention of structural engineering community. As precast
concrete buildings are deficient in structural continuity, they are more vulnerable to progressive collapse than
cast-in-situ RC buildings. Hence, effective rehabilitation techniques to upgrade beam-column joints in existing
precast RC buildings for progressive collapse mitigation are needed. The goal of this study is to investigate the
effectiveness of using bolted steel plates on the behavior of precast beam-column connections under sudden
column-loss scenario. This study presents experiments involving one half-scale precast RC beam-column as-
sembly, which represented the most prevalent types of existing precast beam-column joints in Saudi Arabia. One
monolithic test specimen having continuity of top and bottom beam rebars was used for the sake of comparison.
Another precast specimen similar to the control one was strengthened using bolted steel plates within the
connection region. The progressive collapse scenario was simulated by removing the central column support and
applying a sudden vertical load on this column at a rate of 100mm/s until failure. The collapse load of both
monolithic and strengthened specimens was predicted using a simplified section analysis procedure. The analysis
was then used for some useful parametric studies in which the effect of different steel plate parameters on the
response of test frames under middle column-loss scenario was investigated.

1. Introduction

In the last few decades, precast construction has become common in
Saudi Arabia because of its high speed of construction. Buildings are
extremely vulnerable to progressive collapses due to the loss of one or
more columns caused by accidental events such as blast attacks. It is,
therefore, important to study the behavior of precast concrete struc-
tures for progressive collapse to avoid catastrophic events. As precast
buildings lack structural continuity and redundancy in the load paths,
they are even more susceptible to progressive collapse than cast-in-situ
monolithic buildings. Hence, effective and economical rehabilitation
techniques to upgrade beam-column connections in existing precast
concrete buildings for progressive collapse mitigation are needed.

The behavior of different types of precast RC beam-column joints
has been investigated by numerous researchers [1–5]. In these studies,
different designs for precast joints were studied which included: (i)
connections using dowel rebars, (ii) dowel rebars with steel cleat an-
gles, (iii) steel cleat angles with stiffeners, (iv) tie rods and steel plates,

(v) use of cast-in-situ concrete in beam-column connection, (vi) bolted
connections, (vii) composite connection with welding, etc. In these
studies, the behavior of precast connections was evaluated in terms of
load-displacement characteristics. The performance was then compared
with their monolithic counterparts.

Savoia et al. [6] presented a complete and commented collection of
cases of damage and collapse in precast concrete industrial buildings,
observed during a series of field surveys after the 2012 Emilia earth-
quake in Northern Italy. They were selected among a total of about
2000 industrial RC precast buildings, whose structural characteristics
and damage have been collected in a large database by the authors. The
main causes of the collapses were vulnerabilities related to the struc-
tural characteristics of Italian precast buildings not designed with
seismic criteria. In particular, these structures were typically built as an
assembly of monolithic elements (roof elements, main and secondary
beams, columns) in statically determinate configurations. The most
common failure causes identified were: the absence of mechanical
connectors between precast monolithic elements, the interaction of
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structural elements with nonstructural walls, the insufficient column
bending capacity, the rotation of pocket foundations, the inadequacy of
connections of external precast cladding walls to bearing elements
(columns and beams), and the overturning of racks in buildings used as
warehouses or in automated storage facilities.

One of the approaches to evaluate progressive collapse is to study
the effects of sudden removal of vertical load-carrying members (such
as a column) on the rest of the structure, and to check if any other
alternate load paths do exist thereby arresting the damage initiation
from propagating from one element to another. This notional column
removal scenario adopted in many design codes and guidelines [7–12]
is based on similar incidents occurred in the past such as the progressive
collapse of a 22-story precast concrete apartment building at Ronan
Point and the Alfred P. Murrah Building in Oklahoma City as result of
an explosion [13,14]. There are many other examples of progressive
collapse of buildings due to the damage of columns as result of vehi-
cular impact such as the collapse of a building in New York City [15]
and the parking structure of Isle of Capri casino [16]. Research on
progressive collapse of structures was conducted by Peakau and Cui
[17], Almusallam et al. [14,18], Allen and Schriever [19], Elsanadedy
et al. [20], Baldridge and Humay [21], Choi and Chang [22], Al-Sal-
loum et al. [23], Dat et al. [24], Bao et al. [25], and others. Kang and
Tan [26] carried out an experimental study to investigate the behavior
of precast RC beam-column test specimens under column-loss scenario.
The beams and columns were joined together by cast-in-situ concrete
topping above the two adjoining beams and the joint. The top long-
itudinal rebars passed through the joint continuously. The middle joint
detailing involved 90° bend and lap-splice of bottom rebars. The spe-
cimens were tested to failure under quasi-static loads. It was concluded
that the continuity of top reinforcement along with the cast-in-situ
concrete topping led to the development of compressive arch action
(CAA) and catenary action. However, the CAA and catenary action
capacities were overestimated due to the rigid boundary conditions
adopted in experiments.

In the past few years, a substantial research has been conducted on
strengthening of deficient monolithic RC beam-columns joints using
different techniques such as concrete jackets [27], steel jackets [28],
fiber reinforced polymer (FRP) sheets [29–31] and textile reinforced
mortar (TRM) strengthening [32]. However, strengthening of existing
precast beam-column connections is a challenging task, which poses
many practical difficulties. Da Fonseca et al. [33] carried out an ex-
perimental study on a small-scale precast concrete frame, comprising of
two precast columns and one beam. The frame was loaded in two points
of the beam until the cracks were observed in the beam. The beam-
column joints were then strengthened using near surface mounted
(NSM) CFRP strips embedded in the lateral concrete cover. The
strengthened frame was reloaded until failure. Strengthened connec-
tions exhibited semi-rigid behavior and provided significant reduction
in the beam mid-span deflection.

Gopinathan and Subramanian [34] studied experimentally the be-
havior of precast concrete frames under lateral loading. Two 1/4th
scale, three-bay, five-story frames were cast. The first frame was
monolithic that has been used as baseline for comparison; whereas the
other one was precast RC frame. The beam-column joints in the precast
frame were strengthened by specially designed steel bolts and L-angles
via welding and bolting. The frames were subjected to lateral cyclic
load until failure. The efficiency and performance of beam-column
joints were studied and the behavior of precast frame was compared
with the monolithic one. The ultimate base shear of the precast frame
was about 90% of that of the monolithic frame. However, the story drift
of the precast frame was 30% more than that of the monolithic frame.

de Freitas et al. [35] studied experimentally and numerically the use
of bonded steel plates system and the sandwich steel plates system for
stiffening the existing orthotropic bridge decks (OBD) for reducing the
stress at the fatigue-sensitive details and thus extending the fatigue life
of the decks. The reinforced deck panels were tested using realistic

wheel loads. The results showed at least 40% stress reduction close to
the fatigue-sensitive details in the reinforced decks. The two suggested
reinforcement systems were shown to be the efficient lightweight so-
lutions for stiffening the orthotropic bridge decks.

A search of literature indicates that even though there is consider-
able research on strengthening of monolithic RC beam-column joints
using different techniques, but work on rehabilitation of precast RC
beam-column connections is very limited. In fact, significant work on
strengthening of precast RC beam-column joints for progressive col-
lapse mitigation could not be found in the approachable references.
Precast structures are widely used in residential and commercial
buildings throughout the world. As a result, any collapse of precast
structures would result in huge losses of life and property. For this
reason, it is necessary to conduct research on the progressive collapse
performance of precast structures and suggest methodologies to im-
prove their behavior under such scenarios.

As mentioned previously, research on the progressive collapse po-
tential of strengthened precast concrete beam-column connections
could not be found. The lack of such research creates a challenge for
such studies. The goal of this research is to investigate experimentally
and analytically the progressive collapse risk of precast concrete beam-
column joints strengthened using bolted steel plates. The progressive
collapse was simulated in the testing by middle column loss scenario. In
order to study the effectiveness of the strengthening technique, the
results of the strengthened specimen were compared with both a re-
ference unstrengthened precast specimen, which represented the most
prevalent types of existing precast beam-column joints in Saudi Arabia,
and a monolithic specimen with continuous top and bottom beam re-
bars.

2. Experimental program

2.1. Test matrix

The experimental program includes testing up to collapse a total of
3 half-scale beam-column connection sub-assemblages under vertical
cyclic loading so as to provide the equivalent of severe progressive
collapse damage. Details of the three test specimens are given in
Figs. 1–3. It should be noted that in the designation of test specimens,
the acronyms “PC” and “MC” denote precast concrete and monolithic
concrete, respectively, the letters “C” and “S” symbolize control and
strengthened specimens, respectively, and the acronym “SMF” stands
for special moment frame with continuous top and bottom beam rebars.
Out of the three specimens, the first one (PC-C) was an as-built control
precast concrete specimen. This specimen was designed to represent the
most common type of exiting precast beam-column connections in
Saudi Arabia. Precast specimen PC-C was prepared with beam and
column members cast individually and then assembled on test bed as is
the norm in the field. The second specimen MC-SMF was monolithic
with continuous top and bottom beam rebars through the joint region.
The third beam-column connection specimen PC-S was the same as the
precast control specimen, but it was strengthened using bolted steel
plates within connection region. All specimens consisted of two-bay
beams and three columns and were subjected to vertical dynamic
loading that simulates a column-removal scenario due to extreme
events such as blast attacks. The efficiency of the rehabilitation scheme
was evaluated by comparing the experimental results of the tested
specimens in terms of their mode of failure and load-displacement
characteristics.

2.2. Test specimen details and assembly

The test specimens were designed to be half-scale of a prototype
perimeter frame. The selected two-bay prototype frame was assumed to
be a part of an eight-story commercial precast building located at a busy
intersection of Riyadh. In the prototype building, the spans in both the
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orthogonal directions were 6.0 m each. The live load used for the design
was 4 kN/m2 and the total superimposed dead load was 5 kN/m2. A
uniform line dead load of 16.3 kN/m was also used, which simulated
the exterior non-structural façade components on the perimeter frames
(230mm thick precast exterior panels). The building was designed in
conformance with the ACI 318-11 code [36]. The geometric dimensions
for both the prototype frame and the specimens are presented in
Table 1. The concrete dimensions and reinforcement details of the test
specimens are depicted in Figs. 1–3. The two half-scale precast speci-
mens PC-C and PC-S have the same concrete dimensions and re-
inforcement detailing. For the columns and the beams, section sizes of
350×350mm were used and the corbels had section dimensions of
350×250mm. The height of the column to the bottom of the beam
was 1070mm and the columns were made to rest on a steel I-shaped
stub of height 500mm making the total height of test specimen as
1570mm. The steel stubs were then connected to the steel rails made of

I-sections, which were anchored to the strong test floor (Figs. 4 and 5).
It should be noted that the steel I-shaped stubs, connected to the lower
part of the RC columns, were designed so that their flexural stiffness is
approximately the same as that for the RC columns. Longitudinal re-
inforcement of beams was comprised of 4ф16mm rebars on both
bottom and top faces and 2 legged ф8mm rebars were used as stirrups
at 100mm center-to-center spacing. The longitudinal reinforcement for
columns comprised of 8ф16mm rebars, and ф8mm ties were provided
as transverse reinforcement at variable spacing, as shown in Fig. 1. The
precast beam-column connection was comprised of a corbel rebar
grouted with the beam. The beam had hollow circular pockets of dia-
meter 60mm for the corbel rebar to pass through. Before grouting, the
beam was made to rest on the corbels and a 20mm thick neoprene pad
was used to cushion the assembly. Grouting was then done using a non-
shrink modified cementitious grout. Monolithic specimen MC-SMF had
the same concrete dimensions and reinforcement detailing of precast
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Fig. 1. Details of precast specimen PC-C (Note: All dimensions are in mm): (a) Test specimen; (b) Reinforcement details.
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specimen PC-C except that it was constructed with no corbels and both
top and bottom beam rebars were continuous throughout the joint re-
gions, as shown in Fig. 2.

Steel plate strengthening scheme was designed using the nominal
material properties without dynamic increase factor due to strain rate
effects. The design was carried out to have flexural and shear capacity
of beams of strengthened specimen PC-S approximately same as those
for beams of monolithic specimen MC-SMF. The design was conducted
using ASTM A572 G50 steel due to its availability in the local market.
The estimated plate thickness per side was about 5.8mm; however, the
next available plate thickness in the local market was 10mm. The se-
lection of higher thickness was also to make up for the weak connection
and to ensure sufficient margin of safety. It was thus decided to use
ASTM A572 G50 steel plates with dimensions of 1050×350×10mm
and 1750× 350×10mm for exterior and interior connections, re-
spectively. The strengthening plates were extended over a length equal
to twice the beam depth measured from the face of the column toward
mid-span, at both ends of the beam. This was done to cover the plastic
hinge region near beam-column connection, which comes in line with
the provisions of Section 21.5 of the ACI 318-11 code [36] for special
RC moment frames. The connection between the steel plate and the
columns and beams was designed to rely only on threaded rods, which
were designed to carry the anticipated shear forces in a double-shear

configuration considering limits of maximum spacing between rods (see
Fig. 3). The assembly and the strengthening of precast specimen PC-S
were carried out as would be followed in the field. All three columns
were first erected on the column supports. The neoprene pads were then
placed on corbel locations and the beam which was carried by overhead
crane was then brought and slowly lowered to rest on the corbels. It was
made sure that the single corbel rebar went through the beam pockets
at both the ends which would be used for grouting. After PC-S specimen
was assembled, the surfaces of the beam-column regions were ground
manually and then sand blasting was done in order to have good bond
between concrete and steel plates. The plates were bonded to the beam-
column regions using a combination of epoxy adhesive mortar (Si-
kadur-31 produced by Sika [37]) and post-installed high strength
threaded rods with 25-mm diameter and 450-mm length. Holes of 28-
mm diameter were first drilled in the beam-column regions, as shown in
Fig. 4(a) to accommodate the threaded rods. The holes were then
cleaned using water and air compressor to remove all dust and loose
particles from its inner surface. The epoxy adhesive mortar (Sikadur-31
produced by Sika [37]) was applied on the surfaces of threaded rods
and the rods were subsequently inserted into the drilled holes. Care was
taken to make sure that all holes were fully filled up with the adhesive
material and the excess epoxy was then removed. The contact surfaces
of both concrete substrate and steel plates were cleaned using acetone
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Fig. 2. Details of monolithic specimen MC-SMF (Note: All dimensions are in mm): (a) Test specimen; (b) Reinforcement details.
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to clear any dirt, grime and loose materials from the surface. A bonding
agent (Sika 31) was then applied to the concrete surface and to the
surface of the steel plate in contact with the concrete. The plates were
affixed in position and a pressure was applied on the plates using steel
clamps. After curing of the epoxy adhesive material, the plates were
tied down to the concrete surface using washers and nuts at the
threaded rod locations. Attention was paid to make sure that the nuts
are tied strongly to the plate so that there are no gaps between the plate
and the concrete. The hollow circular pockets at the beam ends as well
as gaps at beam-column interfaces were all filled with non-shrink
modified cementitious grout. Fig. 4 shows the steps involved in
strengthening of PC-S specimen. Fig. 5(a) shows specimen PC-S after
steel plate strengthening and just before onset of testing. It should be
noted that the proposed upgrading technique can be implemented in
case of exterior and interior precast RC beam-column assemblies with
or without floor slabs where the beams rest on corbels without trans-
verse beams. Practical cases of non-existence of transverse beams at
connection region may include circumstances where the transverse
beams are not connected directly to the beam-column joint but are
connected to the main beam at a certain distance from the column face,
for example when there are openings in slabs or when the edge-side

columns of the building are not connected directly to the transverse
beams. For the cases of precast beams with dapped ends and/or
transverse beams, this technique may not be constructible. It should be
also noted that this strengthening scheme would be practical for cases
when the column width is the same as the beam width. For the situation
when the column width is larger than the beam width, premold mortar
blocks might be used to cover up the difference in width and these
blocks shall be well anchored to the precast beams.

2.3. Properties of materials

Ready-mix concrete was used for casting the test specimens. The
specified compressive strength measured as per the ASTM C39/C39M
[38] at the time of the test was 37.3 MPa (Standard deviation,
SD=2.1MPa). For steel rebars, tensile tests were carried out in ac-
cordance with ASTM E8/E8M [39] and the average values of yield
strength of ф8 and ф16mm rebars were 525 and 526MPa (SD=7.2
and 8.9MPa respectively), respectively. However, the average values of
tensile strength of ф8 and ф16mm rebars were 550 and 651MPa
(SD=8.3 and 9.4MPa respectively), respectively. For steel plates,
standard tension test coupons were cut, machined and then tested in
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Fig. 3. Details of strengthened specimen PC-S (Note: All dimensions are in mm).

Table 1
Geometric properties of prototype frames and test specimens.

Type Beam net span (mm) Beam size (mm) Column size (mm) Corbel size (mm) Type of connection

Depth Width

Prototype 5240 700 700 700×700 700×500 Precast with grouting of corbel rebar
Specimen PC-C 2620 350 350 350×350 350×250 Precast with grouting of corbel rebar
Specimen MC-SMF 2650 350 350 350×350 – Monolithic
Specimen PC-S 2620 350 350 350×350 350×250 Precast with grouting of corbel rebar
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accordance with ASTM A370 - 16 [40] and the average values for yield
and tensile strength of plates were 408 and 504MPa (SD=5.8 and
7.6MPa respectively), respectively. The average values reported above
for all materials are based on the test results of three test specimens.

2.4. Test setup and procedure

A steel loading frame shown in Fig. 5(a), which exists in the
structural lab of King Saud University, was used for testing the speci-
mens. The exposure of a building to blast loading may lead to the
sudden removal of a column, which may lead to the progressive col-
lapse of the structure. This was simulated by removing the support of
the test column and exerting a dynamic load on that column using an
actuator of 1000 kN capacity. The test specimen was placed in position
on steel rails, which were anchored to the strong lab floor. The test
column was then attached to the actuator using four high strength
threaded rods of 25-mm diameter. All column bases except that of the
test column were clamped to the steel rails.

A high speed data acquisition system was used to collect data at a
speed of 1 k/s. The individual beam and column members of the spe-
cimens were instrumented for recording the state of stress in rebars by
using strain gages affixed to the rebars. The center column and beam
mid-span displacements were measured using laser transducers.
Fig. 5(a) and (b) depict the complete instrumentation layout for the
precast specimen PC-S.

The support underneath the test column was removed but the test
frame was still in undeformed state because of the connection of test
column to the actuator. This connection allows only for vertical column
displacement and in-plane rotation of test specimen and restrains all
other degrees of freedom. At this stage, all sensors were initialized to
zero setting. The exposure of a building to blast loading may lead to the
sudden removal of a column, which may lead to the progressive

collapse of the structure. This was simulated by releasing the support of
the middle test column and applying sudden load on that column. Since
the ultimate load capacity of the specimen is not known prior to testing
and in order to mimic the post-peak softening behavior of the test
frame, a displacement controlled loading was adopted for the middle
column. The typical target displacement-time history used for specimen
testing is given in Fig. 6. A 1000-kN fatigue-rated MTS actuator was
employed for load application. In real progressive collapse scenarios
due to blast threats, the column is removed suddenly with very high
speed (blast pressures normally yield loads associated with strain rates
in the range of 100–10,000 s−1 [41]). However, this very high speed
cannot be accommodated in the experiments due to the limits of the
used actuator. The rate of loading used in this study was 100mm/s,
which is low compared with the actual scenarios. The loading rate
adopted (i.e. 100mm/s) was the maximum possible for the actuator
and thus the inertial effects in experiments were of smaller scale than
expected in a column-removal scenario. It is worth mentioning here
that the increase in stresses due to the inertial forces is partly com-
pensated by the enhanced material strength due to strain rate effect and
moreover it is expected to have similar effect on the two types of spe-
cimen and thus the comparative performance evaluation may not be
affected. The load on the test column was applied using the actuator in
cycles of incremental vertical displacement in each cycle with sufficient
rest period after each state of loading (Fig. 6). The increments were
used to capture the behavior of specimen at different displacement le-
vels. The rest period was utilized for taking note of the observations and
marking the cracks. The unloading was done at a slow speed of 5mm/s
as it is not simulating the case of cyclic loading in seismic events. The
difference between the loading protocol used herein and that used in
quasi-static cyclic loading for simulating seismic actions is that in the
latter, fully reversed cycles with same rates of loading and unloading
are adopted. It should be noted that the loading protocol of this study
(shown in Fig. 6) has been used by the authors in prior progressive
collapse simulation tests on monolithic RC frames [18].

Although the number of stories of such typical buildings may vary
from six to eight, the consideration of only one story is not expected to
significantly alter the findings reported in this study because the large
displacement response of critical members is almost unaffected by these
assumptions. However, the gravity loads from upper floors are applied
through the actuator. It should be also noted that axial loads were not
applied on the exterior columns of the test specimens and this can be
explained in the following. In case of precast specimen PC-C, axial load
on exterior columns will have no effect on the capacity of test specimen
as it goes directly to the exterior column support and will not affect the
middle joint due to the free rotation at beam ends. For the other two
specimens, ignoring axial load on exterior columns can be justified as
follows:

The specimens tested in this study are scaled down from a perimeter
two-bay frame of an existing building and one of the exterior columns
of the test frame would represent the corner columns of the building.
Corner columns are usually lightly loaded with applied factored axial
loads usually less than the balanced axial load. For such a case, the
flexural capacity of the column section decreases as the column axial
load decreases with the worst-case scenario of minimum flexural ca-
pacity and stiffness corresponding to zero axial load. This worst-case
condition was simulated in the experiments in order to reduce the
flexural stiffness of the exterior columns and hence increase the de-
formation of the middle joint of specimens MC-SMF and PC-S.

3. Test results and discussion

Table 2 shows a summary of the test results of three specimens in
terms of key parameters of load-displacement curves. It should be noted
that the ultimate state used in Table 2 is defined as the state where the
load drops to 80% of its peak value based on New Zealand Standard-
1992 [42]. In the following sections, the test results have been

Fig. 4. Steps involved in steel plate strengthening of specimen PC-S: (a) Drilling of holes
within beam-column regions; (b) Affixing of steel plates in position.
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presented in terms of mode of failure and load-displacement behavior.

3.1. Modes of failure

Final modes of failure for the three specimens are illustrated in
Figs. 7 and 8. As seen in Fig. 7(a) for specimen PC-C, due to the neo-
prene pads the beams rotated freely at their ends, which could simulate

a hinge behavior. This performance was expected due to the dis-
continuity of beam reinforcement at beam-column joints and hence the
absence of redundancies in the load paths. During the test, both the
beams of specimen PC-C were found to rotate at their ends until the
interior ends came in contact with the middle column, and the ultimate
mode of failure was due to concrete crushing at the location of interior
beam-column connection, as seen in Fig. 7(a). Other than this, no other
damage was observed in any members of specimen PC-C including
beams and columns.

Fig. 7(b) depicts the final failure mode for the MC-SMF frame at the
middle beam-column joint. Failure of specimen MC-SMF occurred
around the middle column due to plastic hinge formation in the beam
area near the connection zone. As seen in Fig. 7(b), a plastic hinge was
formed near the middle joint due to large plastic strains in the bottom
steel bars of the beam beyond their yield state (indicated by wide
flexural cracks) accompanied with concrete crushing in the compres-
sion zone. As seen from the figure, failure of beam was not exactly
symmetric on both sides of the middle column. In this case flexural
action developed until the formation of plastic hinges at the middle
joint. At this point, there was rapid yielding of the bottom beam rebars
of the middle joint. Thereafter, yielding of the top beam rebars at the
outer joints indicated the formation of the plastic hinge and that the full
flexural capacity was reached. Flexural cracks were also observed in
both the end columns, whereas the columns were also found to have
rotated at joint locations as a result of the large deformation of the
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middle column. This rotation of the columns indicated that the beam
ends were not effectively restrained. Owing to this rotation, along with
the limitation of actuator stroke and the discontinuity of beam members
beyond the end columns, there was no development of the catenary
action. As a result there was no further increase in load-carrying ca-
pacity of the frame.

Fig. 8 presents the final deformed shape and failure modes for PC-S
specimen. During the displacement controlled loading stages, sig-
nificant flexure-shear cracks appeared in the specimen almost symme-
trically on both faces of the unstrengthened portion of beams, as seen in
Fig. 8(a). The cracks in concrete were initiated in flexure mode and then
propagated diagonally in shear mode towards the ends of steel plate
(Fig. 8(a)). This may be attributed to combined flexure-shear stresses in
the unstrengthened portion of beams. At about 50mm vertical dis-
placement of test column, excessive flexure-shear cracks were seen in
the unstrengthened part of the right beam. Finally, at a load of 372 kN,
the right beam of the test specimen failed suddenly by shear at a middle
column displacement of 96mm. The reason is that adding steel plates in
the beam-column regions led to significant increase in both flexure and
shear capacity of the beams at zones of beam-column connections and
the load corresponding to shear capacity of the unstrengthened part of

the beam was considerably less than that corresponding to flexural
capacity of the strengthened portion. It is worth mentioning here that
the failure occurred in the unstrengthened part of the beam and there
was no connection failure. Fig. 8(c) shows a close-up view of brittle
shear failure of the right beam. As seen from the figure, shear failure
occurred at approximately 45° angle from the beam axis and it was
accompanied by fracture of steel stirrups passing through the shear
failure plane.

3.2. Load-displacement characteristics

Load versus middle column displacement hysteresis and envelopes
are presented in Fig. 9 for all test specimens. Comparison of load-dis-
placement envelopes for test frames is shown in Fig. 10. Fig. 9(a) re-
veals that existing precast concrete buildings are very vulnerable to
progressive collapse once the supporting column is lost in an extreme
event. The peak load of specimen PC-C was 12.8 kN. For monolithic
specimen MC-SMF, as seen in Fig. 9(b), the load-displacement envelope
can be divided into four stages. The AB segment can be considered as
the elastic stage, during which the relationship between the load and
the vertical displacement of middle column is linear, without obvious

Table 2
Experimental results for all test specimensa.

Specimen ID Pu (kN) Δu c, (mm) Py (kN) Δy (mm) Δu (mm) μΔ Eu (kN·m) εsb bot, (με) εsp bot, (με)

PC-C 12.8 145 NY NY 265 – 2.5 74 –
MC-SMF 228 144 145 25.6 269 10.5 59 95,000 –
PC-S 372 96 315 50 157 3.1 48 1300 2800

a Pu = peak load; Δu c, =middle column displacement at peak load; Py and Δy =load and middle column displacement at first yielding of beam bottom reinforcement at inner column

face; Δu =middle column displacement at ultimate state; μΔ =displacement ductility=Δ /Δu y; Eu=energy dissipated at ultimate state, εsb bot, =peak strain for beam bottom rebars at

inner column face; εsp bot, =peak strain for bottom edge of steel plates at inner column face; NY=No steel yielding.
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Fig. 7. Mode of failure for: (a) Specimen PC-C; (b) Specimen MC-SMF.
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destruction in the frame specimen. The BC segment is the start of the
inelastic stage. The load is in a nonlinear relationship with the increase
of displacement and the secant stiffness begins to drop at this stage.
From the recorded steel strains, it was noticed that the longitudinal
rebars at the ends of beams started to yield, indicating the formation of
plastic hinges in the beams. And, most of the rebars at the ends of
beams had yielded at Point C. The CD segment is the plastic hinge stage.
Plastic hinges at the ends of beams were formed and the frame gra-
dually turned into a plastic stress system. Concrete crushing was ob-
served from Point C and concrete spalling appeared at a later period in
this stage. The progressive collapse resistance of the test frame began to
decrease after reaching a middle column displacement of about
250mm, as shown in Fig. 9(b). The DE segment is the catenary action
stage. The flexural capacity of beams was almost lost at this stage. At
the inner beam-column connection, the flexural tension cracks pene-
trated through the compression zones, indicating the formation of the
catenary mechanism at the inner joint. However, because the outer
beam-column joints were unable to provide enough anchorage for the
longitudinal rebars in the beams, the bearing capacity of the frame at
the catenary action stage decreased continuously with the increment of
the vertical displacement. The structure entered an irreversible collapse
process and the test was terminated due to the limitation of the actuator
stroke (at Point E). From the load-displacement comparison presented

in Fig. 10, it is clear that the monolithic specimen MC-SMF has excellent
performance compared with the precast control specimen PC-C. The
peak load resisted by specimen MC-SMF was 228 kN which is about
17.8 times of that for specimen PC-C. In addition, and as depicted from
Table 2, energy dissipated at ultimate state of specimen MC-SMF was
very high as compared to precast control specimen PC-C. The excellent
performance of the monolithic specimen MC-SMF was expected due to
the continuity of the beam rebars and hence the redundancies in the
load paths.

For strengthened specimen PC-S, as seen in Fig. 9(c), the load-dis-
placement envelope can be divided into four stages. The AB segment
can be considered as the elastic stage. The BC segment is the onset of
the inelastic stage. From the recorded steel plate strains, it was noticed
that the bottom edge of steel plates at inner column face had already
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Fig. 8. Mode of failure for strengthened specimen PC-S: (a) Flexure-shear cracking in
beams; (b) Final deformed shape; (c) Close-up of beam shear failure.

Fig. 9. Load-displacement hysteresis for: (a) Specimen PC-C; (b) Specimen MC-SMF; (c)
Specimen PC-S.
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yielded at point C; however, top edge of steel plates at outer column
faces did not reach their yield strain at point C. The CD segment is the
flexure-shear cracking stage in the right beam. During this stage,
flexure-shear cracks started in the unstrengthened part of the right
beam. The peak load of the specimen was recorded during this stage at
which shear failure associated with fracture of steel stirrups occurred in
the unstrengthened portion of the right beam. Due to brittle shear
failure in the CD segment, there is no catenary action in the DE seg-
ment. It is clear that strengthened specimen PC-S had considerably
higher load as compared to other two control specimens. The peak load
resisted by specimen PC-S was 372 kN which is about 29 and 1.6 times
of that for specimens PC-C and MC-SMF, respectively. In addition, and
as depicted from Table 2, energy dissipated in specimen PC-S was sig-
nificantly higher than that for control precast specimen PC-C (about 19
times). However, displacement ductility ratio and energy dissipated in
strengthened specimen PC-S were about 30% and 82%, respectively, of
those for control monolithic specimen MC-SMF. In conclusion,
strengthening of precast RC beam-column connections using bolted
steel plates was found efficient in increasing the peak load of specimen
under column-removal scenario. This strengthening technique in-
creased the load significantly to about 29 times of that for specimen PC-
C. Also, energy dissipated at ultimate state got increased due to steel
plate strengthening. However, the drawback of this technique is that it
increased the flexural capacity of the beam significantly so that it ex-
ceeded the shear capacity of its unstrengthened part and hence induced
brittle shear failure. This could have been alleviated by using thinner
plates.

3.3. Strain gage results

Figs. 11 and 12 show the experimental values of maximum tensile
steel strains for specimens MC-SMF and PC-S, respectively. Table 2
displays peak strain for beam bottom rebars at inner column face for
three test specimens. As presented in Table 2, peak strain for beam
bottom rebars at inner column face of both precast specimens PC-C and
PC-S were significantly lower than the rebar yield strain. This was due
to the discontinuity of beam bottom rebars at the connection zone.
However, for monolithic specimen MC-SMF and as presented in Fig. 11
and Table 2, all tension rebars (at the ends of beams and at outer col-
umns near connection zone) had yielded and large tensile strains were
noted, thereby indicating plastic hinge formation at the ends of beams,
as previously outlined. For strengthened specimen PC-S and as seen in
Table 2 and Fig. 12, tensile strain of about 1.4 times the yield strain was
noted at the bottom edge of steel plate at inner column face; however,
the top edge of steel plate at outer column face did not reach the yield
strain. This reveals that neither of the steel-plated sections of beams of

specimen PC-S reached its ultimate flexural capacity due to brittle shear
failure of the unstrengthened part, as discussed previously. However,
due to the high ultimate load resisted by specimen PC-S, its exterior
columns reached their flexural capacity at the end of test by having
large tensile strains of about 20,000 με for outer rebars, as seen in
Fig. 12(b).

4. Analytical modeling

Simplified section analysis procedure was followed in order to
compute the ultimate capacity of specimens MC-SMF and PC-S.
Theoretical peak loads were then compared with the experimental va-
lues. As the experiments involved testing of specimens at a loading rate
of 100mm/s, the first step in the analysis is to estimate the dynamic
increase factor (DIF) of the constituent materials due to strain rate ef-
fects. The equation of the CEB-FIP Model Code 90 [43] of strain rate
effect was used to assess the DIF for the concrete compressive strength
using the following equations:
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where ′fcd =compressive strength of concrete with strain rate effect
included; ′fcs =static compressive strength of concrete; ε ̇=strain rate;
εṡ =quasi-static strain rate= 30×10−6 s−1 and α is a factor given by
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The parameter γ in Eq. (1) is estimated from

Fig. 10. Load-displacement envelope comparison for test specimens.
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= −γ αlog 6.156 2 (3)

For steel rebars and plate, the model proposed by Malvar [44] was
utilized to compute the DIF for both yield and ultimate strength as
follows:

= ⎛
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−DIF ε ε̇
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4
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s
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where for calculating yield strength, =α αs fy, which is estimated from

= −α
f

f0.074 0.04
414

(units of : MPa)fy
ys

ys (5)

However, for calculating ultimate strength, =α αs fu, and is given by

= −α
f

f0.019 0.009
414

(units of : MPa)fu
ys

ys (6)

where fys =static yield strength of steel rebars (or plate) in MPa units.
It should be noted that the strain rate used to calculate DIF in Eqs. (1)
and (4) was taken as 0.01 s−1. This value was obtained from the ex-
perimental testing of the three specimens detailed previously as an
average value based on strain versus time recordings. The ultimate
capacity was then computed as follows:

4.1. Specimen MC-SMF

4.1.1. Based on flexural capacity of beams
Internal strain and stress distribution for beam section of specimen

MC-SMF is illustrated in Fig. 13. The area of compression reinforcement
is referred to as ′As , the depth to the centroid of the compression re-
inforcement from the extreme compression fiber of the section is d/, the
strain in the compression reinforcement is ′εs , the stress in the com-
pression reinforcement is ′fs , the area of tension rebars is referred to as
As, the effective depth to centroid of tension rebars is termed as d, the
strain in the tension reinforcement is εs and its corresponding stress is fs.
A linear strain distribution is assumed as shown in Fig. 13, and for the
evaluation of the moment capacity, the compression strain in the ex-
treme concrete compression fiber is set equal to the maximum usable
concrete compressive strain of =ε 0.003cu [45]. The strain in the tension
rebars is not known, and thus, the depth to the neutral axis, c, is also
unknown. An iterative procedure was used to come up with the neutral
axis depth value. A reasonable initial estimate of c was taken as 0.2d.
The value of c was adjusted after checking equilibrium. The strains in
both tension and compression rebars were then calculated using similar
triangles as shown in Fig. 13. The corresponding stresses were calcu-
lated from Fig. 14, assuming a bilinear stress-strain relationship for
steel rebars. Tension and compression forces of steel rebars were then
estimated as = ×T A fs s and = ′ × ′C A fs s s . Thus, establishing section
equilibrium resulted in the following equation.

= + ⇒ = ′ + ′ ′T C C A f f β cb A f0.85c s s s cd s s1 (7)

where β1 was calculated as per the ACI 318-14 code [45]. The neutral
axis depth was then recalculated from

=
− ′ ′
′

c
A f A f

f β b0.85
s s s s

cd 1 (8)

The previous steps were repeated until convergence occurred and
section equilibrium was established. The flexural capacity of the beam

Fig. 12. Load versus steel strain curves for specimen PC-S: (a) Edge of steel plate at
column face; (b) Longitudinal column rebars near connection zone.

Fig. 13. Internal strain and stress distribution for beam section of specimen MC-SMF.
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section was then estimated from

⎜ ⎟= ′ ⎛
⎝

− ⎞
⎠

+ ′ ′ − ′M f β cb d
β c

A f d d0.85
2

( )u cd s s1
1

(9)

The test frame was modeled using SAP2000 software [46] as shown
in Fig. 15. Three-dimensional, two-node frame elements with 6 degrees
of freedom per node were used to model beams and columns. To ac-
count for the presence of cracked regions along the length of the
member, stiffness modifiers as per the ACI 318-11 code [36] were input
in the model. The 500mm height I-shaped steel stubs were also in-
cluded in the model at the bottom end of the exterior columns. The
bases of the exterior columns were fully restrained against displacement
and rotation in the global X, Y and Z directions. A unit load was applied
on the center column and the bending moment and shear force dia-
grams were then obtained as presented in Fig. 15(b) and (c), respec-
tively. At the interior beam-column face, the moment was calculated
from the SAP2000 model to be about 0.7 kN m. Hence, the ultimate
load of the test specimen that corresponds to flexural failure of beam
was estimated from

=P M
0.7

(units: kN and m)u f
u

, (10)

4.1.2. Based on shear capacity of beams
The shear capacity of beams was estimated from the following ad-

ditive equation:

= +V V Vu c s (11)

where Vc=concrete shear strength contribution and VS=shear re-
sisted by stirrups. Since beams of test frames underwent large de-
formation associated with both wide flexure cracking extending into the
neutral axis and concrete crushing in the compression zone, concrete
contribution to shear strength should be reduced [47,48]. The model
adopted by Priestley et al. [47] and Elsanadedy and Haroun [48] was
used. In this model, concrete component is expressed as

= ′ −V λ λ f b d c0.05 ( ) (units: N and mm)c cd1 2 (12)

where λ1 is a factor that accounts for aspect ratio of element and is
conservatively assumed as 1.0 and λ2 is a factor that considers the effect
of tension steel ratio and is given as = +λ ρ0.5 20 s2 , where ρs= tension
steel ratio of beam= As/bd. It should be noted that the above model of
Eq. (12) was developed for plastic hinge region of columns under
seismic actions in which concrete degrades severely due to seismic
loading. This model was adopted in this study as the behavior of con-
crete in the beams near middle column is similar to plastic hinge zones
of columns under earthquake events in terms of large and wide cracking
in the tension side associated with crushing in the compression side.
According to Priestley et al. [47] and Elsanadedy and Haroun [48], the
shear strength resisted by stirrups may be estimated from

=
−

V
A f d c

s
( )

s
v yhd

(13)

where Av=area of shear reinforcement, fyhd=yield strength of stir-
rups amplified due to strain rate effect as discussed previously, and
s=center-to-center spacing between stirrups. The aforementioned
procedure was followed to compute the shear strength of beam section
near connection zone. As per the shear force diagram shown in
Fig. 15(c), the ultimate load of the test specimen corresponding to shear
failure of beams was calculated from

=P V
0.5u sh

u
, (14)

4.1.3. Based on shear friction at beam-column interface
The model adopted by the ACI 318-14 code [45] was used to

compute the strength corresponding to direct shear transmitted at
beam-column interface from the following formula:

= ⩽
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(15)

where Avf=area of shear friction reinforcement= + ′A As s ; fyd=yield
strength of longitudinal beam reinforcement, increased due to strain
rate effect; μ=coefficient of friction at shear transfer plane=1.4 in
case of monolithically cast concrete such as specimen MC-SMF; and
Ac=area of concrete section resisting shear transfer= bd. The ultimate
load based on shear friction at beam-column interface was then esti-
mated from

=P
V
0.5u SF
u SF

,
,

(16)

The final ultimate load of specimen MC-SMF was then taken as the least
of that given by Eqs. (10), (14) and (16).

4.2. Strengthened specimen PC-S

4.2.1. Based on flexural capacity of strengthened portion of beams
Fig. 16 shows internal strain and stress distribution for beam section

of specimen PC-S at ultimate state. The steel plate section was first
divided into thin slices. Number of steel plate slices (n) was assumed as
20 and the height of each slice was taken as hs=0.05 h. The effective
depth of the ith slice was then estimated as = − − −d h i h h( 1) 0.5si s s. As
mentioned previously, epoxy adhesive mortar was used as a bonding
agent at the steel plate-to-concrete interface, which could prohibit the
unwanted interfacial plate debonding. However, due to the in-
sufficiency of the threaded rods at the beam-column interface, concrete
cover delamination may occur and the plate could separate from the
beam with some part of concrete cover attached to it. Although buck-
ling was not observed in the experiments due to the overdesign of the
steel plates, the thinner plates may be susceptible to out-of-plane
buckling in the compression zone. Therefore, steel plate contribution in
compression was ignored and stresses in its slices of the compression
zone were set equal to zero. A reasonable initial estimate of c was taken
as 0.2 h. The value of c was adjusted after checking equilibrium. Using
similar triangles, as seen in Fig. 16, the strain value at the center of the
ith slice was calculated from

= ⎛
⎝

− ⎞
⎠

ε d c
c

0.003si
si

(17)

Assuming a bilinear stress-strain relationship for steel plates as that
seen in Fig. 14, the stresses in the ith slice was computed. The internal
force of the ith slice was calculated as = =F A f t h f2si si si p s si, where
tp= thickness of steel plate. The neutral axis depth was then re-
calculated from

Fig. 14. Bilinear stress-strain relationship of steel rebars used for section analysis.
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The previous steps were repeated until convergence occurred and
section equilibrium was established. The flexural capacity of the beam
section was then estimated from
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(19)

Hence, the ultimate load of the test specimen that corresponds to

flexural failure of strengthened portion of beams was estimated from
Eq. (10).

4.2.2. Based on shear capacity of strengthened portion of beams
Since beams of test frames underwent large displacement associated

with wide flexure cracking and concrete crushing in the compression
zone, concrete contribution to shear strength was ignored in assessing
shear strength of strengthened part of beams. This was done similar to
plastic hinge zones of columns under seismic actions as they have the
same behavior of large and wide cracking in the tension side associated
with crushing in the compression side [48]. The shear capacity was

Fig. 15. Linear elastic frame analysis of specimens MC-SMF and PC-S using SAP2000: (a) Unit vertical load at middle column; (b) Bending moment diagram for the frame due to unit load;
(c) Shear force diagram for the frame due to unit load.
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then assumed as Vu= Vp, where Vp is the shear carried by steel plates,
calculated using the following formula proposed by Elsanadedy and
Haroun [48].

= −V t f h c2 ( )p p ypd (20)

The ultimate load of the test specimen corresponding to shear
failure of strengthened part of beams was calculated from Eq. (14).

4.2.3. Based on shear friction at beam-column interface
As per the ACI 318-14 code [45], the direct shear transmitted at

beam-column interface was estimated from

= ⩽ ⎧
⎨⎩

′
V μA f

f A
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0.2
5.5

(units: N and mm)u SF vp ypd
cd c

c
,

(21)

where μ=coefficient of friction=0.6 and Avp=total area of steel
plates passing through the beam-column interface= 2tph; and
Ac=area of concrete section resisting shear transfer= bh. The ultimate
load based on shear friction at beam-column interface was then esti-
mated using Eq. (16).

4.2.4. Based on capacity of unstrengthened portion of beams
Flexural capacity of unstrengthened part of beams was calculated as

similar to specimen MC-SMF (Eqs. (7)–(9)). However, as seen in
Fig. 15(b), bending moment at critical section of unstrengthened part of
beam (end of steel plate section) due to unit vertical load at top of
center column was 0.37 kN·m. Hence, the peak load that corresponded
to flexural capacity of unstrengthened beam section was computed from

=P M
0.37

(units: kN and m)u f
u

, (22)

The shear capacity of the unstrengthened portion of beam was the
same as that calculated previously for beams of monolithic specimen
MC-SMF (Eqs. (11)–(13)) and the corresponding peak load was esti-
mated using Eq. (14).

The final peak load of strengthened specimen PC-S was then taken

as the least of that given by abovementioned modes for strengthened
and unstrengthened parts of beams. Table 3 summarizes the peak loads
of specimens MC-SMF and PC-S calculated based on different possible
modes detailed previously, in addition to experimental and final theo-
retical peak load. Illustrated in Table 3 is also the tested-to-predicted
peak load ratio for the two specimens. As seen from Table 3, deviation
of 4–12% is observed in the theoretical prediction of peak loads.

It is worth mentioning here that the simple linear elastic analysis of
the tested frames, adopted in this section, may not be reliable for the
simulation of the failure involving complex nonlinearity and large
displacement. However, the adopted procedure of analysis is thought to
be enough for the prediction of peak load of flexural action stage at
which the displacements are not large and the employment of linear
elastic analysis may be reasonable as small displacement theory may
apply. However, for other action stages (such as compressive arch and
catenary actions), large displacements associated with them will sig-
nificantly change the position and orientation of the loads and hence,
using linear elastic method of analysis will be invalid and may induce
erroneous results. It is to be noted here that the compressive arch and
catenary actions were not observed in the experiments.

5. Conclusions

The main findings of this study can be summarized as follows:

• Existing type of precast RC beam-column connection (grouting of
corbel rebar with beam resting on corbel via neoprene pad), tested
in this study, was found to have a very high potential of progressive
collapse due to negligible ductility and lack of continuity in beam-
column joints and hence the absence of redundancies in the load
paths.

• Even though the monolithic specimen MC-SMF with continuous top
and bottom beam rebars had significantly higher ultimate load and
energy dissipated compared to existing precast specimen PC-C, the
development of catenary action was inhibited due to limitations of

Fig. 16. Internal strain and stress distribution for beam section of specimen PC-S.

Table 3
Experimental vs. theoretical peak load for specimens MC-SMF and PC-S.

Specimen ID Peak load based on strengthened portion of beam
(kN)

Peak load based on unstrengthened portion of beam
(kN)

Theoretical peak
load, Pu ana, (kN)

Experimental peak load,
Pu,exp (kN)

P
P

u

u ana

,exp

,

Based on
flexural
capacity

Based on shear
capacity

Based on
shear friction

Based on
flexural
capacity

Based on shear
capacity

Based on
shear friction

MC-SMF – – – 204 360 1491 204 228 1.12
PC-S 437 3907 1348 386 360 1491 360 372 1.04
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the test setup. These limitations may include: (i) absence of axial
load application on exterior columns (axial load would increase the
flexural stiffness of the exterior columns and then favor the devel-
opment of arch and catenary action); (ii) discontinuity of beams
beyond the exterior columns; and (iii) exclusion of RC floor slabs
from the test specimen (presence of concrete slabs may help in the
development of both arch and catenary mechanisms).

• Strengthening of precast RC beam-column connections using bolted
steel plates was found effective in increasing the collapse load of
assembly under column-loss scenario. This strengthening technique
increased the load considerably to about 29 times of that for control
precast specimen PC-C. Also, energy dissipated at ultimate state got
significantly increased due to steel plate strengthening. However, it
increased the flexural capacity of the beam significantly so that it
exceeded the shear capacity of its unstrengthened part and hence
induced brittle shear failure.

• The section analysis procedure that accounts for strain compat-
ibility, material nonlinearity, strain rate effect and different failure
modes was found appropriate in estimating the collapse load of both
monolithic and steel-plated precast RC beam-column assemblies
under column-removal scenario.

• In designing of steel plate strengthening scheme for provision of
continuity at precast RC beam-column connections, it is re-
commended to extend the plates to at least twice the beam depth
beyond the column face to cover the plastic hinge region near beam-
column connection and to allow for full utilization of the plate
strength.

• The simple linear elastic analysis of the tested frames, adopted in the
study, may not be appropriate for the simulation of the failure in-
volving complex nonlinearity and large displacement. For the pre-
diction of peak load of actions involving large displacement (such as
compressive arch or catenary actions) or full load-displacement
history of the assembly, nonlinear finite element modeling will be
required.
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